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BASIC REQUIREMENTS FOR MANUSCRIPTS 


This Journal represents an effort by the Society to deliver information to the 
reader with the greatest possible speed. To this end the material herein has 
none of the usual editing required in more formal publications. 


Original papers and discussions of current papers should be submitted to the 
Manager of Technical Publications, ASCE. The final date on which a discussion 


should reach the Society is given as a footnote with each paper. Those who are 


planning to submit material will expedite the review and publication procedures 
by complying with the following basic requirements: 


1. Titles should have a length not exceeding 50 characters and spaces. 
2. A 50-word summary should accompany the paper. 


3. The manuscript (a ribbon copy and two copies) should be double-spaced 
on one side of 814-in. by il-in. paper. Papers that were originally prepared for 
oral presentation must be rewritten into the third person before being submitted. 


4. The author's full name, Society membership grade, and footnote reference 
stating present employment should appear on the first page of the paper. 


5. Mathematics are reproduced directly from the copy that is submitted. 
Because of this, it is necessary that capital letters be drawn, in black ink, 3/16-in. 
high (with all other symbols and characters in the proportions dictated by 
standard drafting practice) and that no line of mathematics be longer than 614-in. 
Ribbon copies of typed equations may be used but they will be proportionately 
smaller in the printed version. 


6. Tables should be typed (ribbon copies) on one side of 814-in. by 11-in. 
paper within a 614-in. by 1014-in. invisible frame. Small tables should be grouped 
within this frame. Specific reference and explanation should be made in the text 
for each table. 


7. Illustrations should be drawn in black ink on one side of 814-in. by 11-in. 
paper within an invisible frame that measures 614-in. by 1014-in.; the caption 
should also be included within the frame. Because illustrations will be reduced 
to 69% ot the original size, the capital letters should be 3/16-in. high. Photographs 
should +: submitted as glossy prints in a size that is less than 6)4-in. by 1014-in. 
Explanations and descriptions should be made within the text for each illustration. 


8. Papers should average about 12,000 words in length and should be no 
longer than 18,000 words. As an approximation, each full page of typed text, 
table, or iliustration is the equivalent of 300 words. 


Further information concerning the preparation of technical papers is con- 
tained in the “Technical Publications Handbook” which can be obtained from 
the Society. 


Reprints from this Journal may be made on condition that the full title of 
the paper, name of author, page reference (or paper number), and date of 
publication by the Society are given. The Society is not responsible for any 
statement made or opinion expressed in its publications. 


This Journal is published quarterly by the American Society: of Civil 
Engineers. Publication office is at 2500 South State Street, Ann Arbor, Michigan. 
Editorial and General Offices are at 33 West 39 Street, New York 18, New York. 
$4.00 of a member's dues are applied as a subscription to this Journal. Second-ciass 
mail privileges are authcrized at Ann Arbor, Michigan. 
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FIELD EXPERIENCES WITH CHEMICAL GROUTING# 


Milos Polivka,* A.M. ASCE, Leslie P. Witte, ** and 
John P. Gnaedinger,*** J.M. ASCE 
(Proc. Paper 1204) 


SYNOPSIS 


This paper cites many examples of the use of chemical grouts, either to 
improve the stability of sandy soils or to seal porous strata to prevent water 
movement. The examples given include the use of sodium silicate grouts as 
an aid in construction of tunnels and foundations in free-flowing sand, ex- 
periences with chrome-lignin grouts at Heart Butte Dam, and experiences 
with calcium acrylate and acrylamide methylene bis acrylamide grouts. 
Laboratory control, composition of grouts and methods of grouting are dis- 
cussed. 


INTRODUCTION 
4 This paper was sponsored by the Grouting Committee of the ASCE and 
I some of the information contained in this paper may later be incorporated in 
a report of this committee. 


The paper is composed of three parts, each written by one of the authors. 
“Sodium Silicate Chemical Grouts Employed as an Aid in Construction” was 
written by Milos Polivka; “Chrome-Lignin Grouting Experience at Heart 
Butte Dam” was written by L. P. Witte; and “Field Experiences with Calcium 
Acrylate Grouts and Acrylamide Methylene Bis Acrylamide Grouts” was 
written by John P. Gnaedinger. 


Note: Discussion open untii September 1, 1957. Paper 1204 is part of the copyrighted 
Journal of the Soil Mechanics and Foundations Division of the American Society of 
Civil Engineers, Vol. 83, No. SM 2, April, 1957. 

a. Paper presented at ASCE Convention, New York, N. Y., October 21, 1954. 
* Asst. Prof. of Civ. Eng., Univ. of California, Berkeley, Calif. 
** Materials Engr., Bureau of Reclamation, U. S. Dept. of the Interior, 
Denver, Colo. 
*** Pres., Soil Testing Services, Inc., Chicago, Il. 
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SODIUM SILICATE CHEMICAL GROUTS EMPLOYED 
AS AN AID IN CONSTRUCTION 


By Milos Polivka 


The purpose of chemical grouting is to improve the stability and imper- 
meability of subsurface sandy soils, sands, and gravels by injecting chemi- 
cals which act as a binder and fill voids. In the literature we find many ap- 
plications of chemical grouting, principally in Germany, France, and 
England, dating from about 1919. The application of chemical grouting in the 
United States dates back to about 1930; chemicals were employed in the 
grouting of foundations, tunnels, bridge piers, dams, mine shafts, and many 
other types of structures. The footnotes in this paper refer to some of the 
applications in the United States. 

Other materials can be employed for improving the stability and imper- 
meability of subsurface materials, such as cement, asphalt, and clay, but 
each of these grouting materials has its limitations. Cement grouting, most 
commonly known, cannot be employed in fine granular materials because of 
the comparatively large particle size of the cement. Asphalt grouting, which 
has been used in a few American and European dams, is again partially 
limited by the particle size. Clay grouting is very useful and very cheap; 
however, it also has limitations such as the tendency to form lumps and to be 
easily carried away by ground water. 

Chemical grout has the advantage of having about the same viscosity as 
water, and it can be injected into any soil into which water can be injected. 
However, no grouting method can be applied to impervious soils such as 
silts, loams, and clays. It is not the intention of this paper to leave the im- 
pression that chemical grouting is always preferable. Every grouting method 
has its own field of application and fulfills different requirements. 

Chemical grouting is accomplished by introducing under pressure one or 
more chemical solutions which fill the voids in the soil, form gel, and cement 
together the loose grains. In grouting with sodium silicate chemical grouts 
it is necessary to differentiate between two methods, which are called the 
“two-shot” and “one-shot” methods. 


Two-Shot Method 


The two-shot method of sodium silicate grouting requires two successive 
injections of chemicals. In this method, first a solution of sodium silicate 
and then a solution of a reagent such as calcium chloride is injected. These 
chemicals, when mixed in the ground, precipitate and form an insoluble 
crystalline-like solid. The granular material so solidified becomes hard 
and strong enough to serve as a foundation. The chemicals, if properly in- 
jected, will seal off water-bearing strata in tunnels and mine shafts, even 
where water of considerable volume and pressure is involved, since the 
reaction between the two chemicals and the formation of an insoluble gel 
occurs almost instantaneously. However, there are two distinct disadvan- 
tages of this method. The mixing of the chemicals in the ground is not con- 
trolled, resulting sometimes in ungrouted pockets. Also, since the reaction 
is almost instantaneous, the radius of grouting, or the penetration, is limited. 
The grouting radius will depend upon concentrations of chemicals, perme- 
ability of materials to be grouted, and grout pressures employed. 
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The first two-shot method injections were developed by a French engi- 
neer, Albert Francois,(1) in 1919. Later a Dutch mining engineer, Dr. Hugo 
Joosten,(2) used the two-shot method as an aid in foundation work. Both of 
these engineers employed sodium silicate as the first chemical and calcium 
chloride as the second chemical. In their process the sodium silicate solu- 
tion was injected as the injection pipe was driven into the soil, and the salt 
solution was injected during the raising of the pipe. In 1931 M. Stamatiu, a 
Rumanian engineer, conducted extensive tests on the two-solution injection 
process. He employed first a solution of sodium silicate and then a solution 
of calcium or magnesium chloride. Lars R. Jorgensen,(3) an American en- 
gineer, conducted tests and in 1935 patented a process for a two-solution in- 
jection method. He injected first a solution of sodium silicate and then a 
solution of calcium chloride; sometimes a gel-forming gas was injected with 
the calcium chloride. He also developed various types of equipment for field 
application of the process. There are many other investigators of the two- 
shot method as shown by the bibliography on this subject. Most of the infor- 
mation available was developed and published in European countries. In 
most of the two-shot processes the salt solutions employed for the second 
injection were calcium chloride, magnesium chloride, or sometimes alumi- 
num sulphate and carbon dioxide; the calcium chloride solution was found to 
be the most satisfactory and economical. 


One-Shot Method 


The second method of grouting with sodium silicate grouts is known as the 
one-shot method which involves a simultaneous injection of two chemicals. 
The chemicals are pre-mixed before being injected. This process assures 
a more complete penetration and a wider grouting radius. The first one- 
shot method of chemical grouting, developed by Charles Langer in 1934 in 
France, consisted of injection of a sodium silicate solution and a metallic 
salt reagent. Many other investigators later developed other one-shot 
methods, some of which are mentioned in this paper. 

Another advantage of the one-shot method is the saving in equipment since 
only one pump and injection is necessary as compared to two pumps and two 
injections in the two-shot method. It is also much easier to retrieve the 
pipes when the one-shot chemicals are employed, since the time of set can 
be controlled and pipes can be withdrawn prior to the final setting of the 
chemical. In the two-shot method, the pipes very often get frozen in the 
ground and are hard to retrieve without damage. 

The gel obtained in the one-shot method is not as strong as that obtained 
with the two-shot method. The compressive strength of sands solidified us- 
ing the two-shot method is about 500 psi whereas that of sands injected using 
the one-shot method is about 100 to 200 psi. High strength, in general, is not 
the primary requirement on jobs where chemical grouting is employed; usu- 
ally chemical grouting is employed merely to stabilize the material or to 
make it impermeable. 

One type of one-shot chemical grout used as an aid in construction con- 
sists of a mixture of diluted sodium silicate and a dilute solution of sodium 
bicarbonate. The resulting gel is weak, but this is an advantage, especially 
where the soil is to be stabilized to prevent cave-ins in excavations or tun- 
neling in sand; a strong hard gel would also stabilize the material but would 
make excavation more difficult. This one-shot chemical solidification will 
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last only a few months, after which the gel starts to deteriorate. This 
temporary gel life is not important in most construction work because the 
contractor is interested in stabilizing the ground only for a period long 
enough to permit excavation and complete construction, after which stabiliza- 
tion is no longer needed. 

Another type of one-shot chemical grout contains a diluted sodium silicate 
and a small amount of hydrochloric acid and copper sulphate. This mixture 
forms a permanent gel but is more complex to prepare the more expensive. 


Laboratory Control 


Prior to any large-scale field operation, it is advisable to perform a num- 
ber of laboratory tests and at least one field test to ascertain if the soil in 
question is feasible for chemical grouting and to determine the best type and 
proportions of chemicals to be employed. 

Figure 1 shows the injection equipment used to determine the required 
quantity of chemical and pressure for a satisfactory solidification of a given 
volume of soil. It consists of a plastic cylinder which is filled with the ma- 
terial to be solidified, and apparatus for injecting the chemical into the ma- 
terial by air pressure. 

Sometimes it is necessary to determine the compressive strength of the 
solidified material, usually on laboratory manufactured specimens. Figure 2 
shows equipment used for the manufacture of solidified soil specimens. It 
consists of a gang of interconnected cylinders and two gear pumps each hav- 
ing its own reservoir for chemicals. The chemical is injected through an 
opening in the lower end of the gang, and the injection is continued until the 
chemical appears at the top of the gang. The cylinders are separated by per- 
forated plates. The individual cylinders are then tested in a manner similar 
to the tests made on concrete cylinders. 

The effect of concentration of chemicals on compressive strength of 
solidified sand by the two-shot method is shown in Fig. 3. It can be seen that 
the higher the percentage of sodium silicate, the higher the resulting 
strength. 

The time of set of the one-shot method chemicals can be controlled by 
proper proportioning. A typical time-of-set curve is shown in Fig. 4. Time 
of set can be controlled very accurately up to two or three hours, but usually 
on jobs the time of set is controlled at its practical minimum, say about 20 
to 30 minutes. The shorter the time of set, the better the resulting quality of 
the chemical and the stronger the solidified material. 


Chemical Grouting as an Aid in Construction 


Chemical grouting was used as an aid in driving a ten-foot horseshoe sec- 
tion of a 2700 ft.-long tunnel in San Francisco, to carry storm water from the 
Lake Merced District to the Pacific Ocean.(4) Prior to the use of chemical 
grouting, the dry, free-flowing sand was coming through small cracks be- 
tween the lagging and breast boards. The sand was flowing into the tunnel 
faster than it could be removed. The one-shot chemical grouting method was 
employed, using an injection scheme as shown in Fig. 5. The chemicals em- 
ployed were a sodium silicate-sodium bicarbonate mixture. The mixing 
tanks and pumps were moved along the tunnel. The mixing tanks for blending 
the two chemicals into the one-shot chemical were connected by pipes to 
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storage tanks located above ground. Injection pipes consisted of 1/2-in. 
steel pipes 10 ft. long. The amount of chemicals required for injection of a 
given volume of sand varied with the moisture content of the sand, the per- 
centage of voids, and the leakage of the chemical into the surrounding areas. 
The conditions in the tunnel were such that the amount of combined solutions 
required for stabilizing the sand varied from about 30 to 45 gallons for each 
cubic yard of solidified material. As operators gained experience and im- 
proved the technique of injection, it was possible to solidify the sand without 
unnecessary waste of chemicals. A pressure of 200 psi was employed, and 
the injection time was about one minute per insertion. Using this procedure, 
it was possible to solidify an area two feet in diameter. Pressures and the 
time of injection at each point were changed to suit the ground treated. The 
equipment employed, in addition to that mentioned, was an air-operated re- 
ciprocating piston pump driven by air under pressure of 100 psi. Chemical 
grouting was not employed when the tunnel was driven through clay, gravel, 
or firm sand formations. 

Another example of the application of chemical grouting in driving a tunnel 
through a free-running sand and an old hydraulic fill is in the construction of 
a 56-in. diameter tunnel 1440 ft. long below the streets of downtown San 
Francisco, to house cables of the telephone company. Because of the vibra- 
tions caused by heavy traffic on the streets, it was very difficult to keep the 
sand from running even when using a splinter method of spiling. The one- 
shot sodium silicate-sodium bicarbonate chemical grout was employed using 
a pressure of 200 psi and an injection needle arrangement which permitted a 
complete solidification of the material around the face of the tunnel. The 
pump employed was a small duplex piston pump. To prevent the chemicals 
from backing up along the injection pipes, a sufficient layer of solidified sand 
was left intact ahead of the face of the tunnel and the new injection pipes were 
driven through this layer. Fig. 6 shows the condition of the solidified sand in 
the tunnel, illustrating that the solidified sand was soft enough to permit ex- 
cavation with hand tools. It was possible by this procedure to install the liner 
plate without breast boards or spiling and without any danger of losing any of 
the ground above the tunnel. The setting time of the chemical on this job was 
controlled to 40 minutes to 1 hour. As the job progressed, the contractor 
gained sufficient experience in handling the chemicals and equipment to en- 
able him to drive the tunnel by solidifying only the upper half of the tunnel 
and leaving the bottom half untreated. This procedure required less chemi- 
cals and made the removal of the sand easier without losing any strength 
needed for the tunnel operation. 

A similar problem of free-running sand was encountered in construction of 
the bell-shaped pier footings for floodlight towers at Kezar Stadium in San 
Francisco.(5) A typical foundation consisted of a concrete slab supported on 
four circular piers. As shown in Fig. 7, the lower part of the piers was en- 
larged to a bell-shaped section to increase the bearing capacity and the re- 
sistance to overturning. The contractor had no difficulties in excavating the 
sand in the straight section of the footing which was protected by a steel cas- 
ing, but he was not able to keep the sand from running into the excavation of 
the bellshaped portion. The sand in the area of the bell was solidified, em- 
ploying a one-shot chemical grout, and the contractor was then able to form 
the bell without the use of forms. Solidification of this area was done prior to 
driving of the steel casing, except for two footings for which the casings had 
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already been driven and for which the contractor had to backfill a portion of 
the excavated area to permit a complete solidification at the bottom of the 
footing. The equipment employed consisted of a triplex positive-displace- 
ment pump, and the chemicals were injected under a maximum pressure of 
200 psi. Five hundred gallons of chemical were required to solidify the sand 
of one pier consisting of four footings. The compressive strength of the 
solidified sand was approximately 75 psi. 

Another application of chemical grouting was that of sealing off water- 
bearing strata in a railroad underpass at La Grande, Oregon. Four hundred 
feet of the pavement in the underpass was seven feet below the existing 
water table. Cracks developed in the pavement, and water was seeping out 
over the highway. In winter, ice would form, not only making the highway 
dangerous but also damaging the concrete through spalling by freezing and 
thawing action. The sub-base beneath the pavement was a sandcushion layer 
over which was laid a waterproof membrane. The pavement, consisting of 
26 by 40-foot concrete slabs divided by expansion joints, was 18 in. thick in 
the low part of the underpass where the major damage occurred. Various 
means of correcting the water seepage were investigated without success. 

It was finally agreed that the only answer was to solidify the layer below the 
concrete and make it impermeable. Fortunately, the sub-base of sand and 
gravel was ideally suited to chemical treatment. The chemical employed 
was a two-shot chemical grout consisting of sodium silicate and calcium 
chloride solutions. Grouting was started near the low point of the underpass 
where the highest water pressure was to be expected. There was enough 
water pressure at this location to cause the water to spout six or more 
inches above the pavement through holes drilled for pipe inserts. The equip- 
ment consisted of a power-driven pump developing a maximum pressure of 
400 psi, and 250-gal. storage tanks for chemicals. It was standard equip- 
ment normally used by the Oregon State Highway Commission for combatting 
noxious weeks. A typical damaged concrete slab with the injection pipe lay- 
out is shown in Fig. 8. The chemicals were injected simultaneously through 
adjacent pipes, but in some locations it was found more effective to inject the 
chemicals in succession through a single pipe. The cracked areas of the 
pavement were handled by drilling a series of holes on each side of the 
crack about 3 in. from the break. Sodium silicate was injected through the 
holes on one side of the crack, and calcium chloride was pumped through the 
holes on the other side. As the leaking cracks were closed off, water pres- 
sure increased to sometimes break open areas that had already been sealed, 
and regrouting became necessary. It was finally possible to stop all leakage 
of water onto the pavement, and it appears that a permanent sealing of the 
sub-base was obtained. 

An unusual example of chemical grouting in which the chemicals were 
soaked into the soil rather than injected is shown in Fig. 9. The contractor 
was to construct a pedestrian underpass under a railroad embankment con- 
sisting chiefly of riprap and many large boulders. To prevent caving of the 
material during excavation, it was decided to stabilize the embankment by 
grouting. Cement grout was first employed, but the contractor had difficul- 
ties with driving the pipes and with poor penetration of the cement grout. It 
was decided to employ a one-shot sodium silicate-sodium bicarbonate chemi- 
cal grout and to soak this grout into the embankment rather than to inject it. 
Holes 1 1/2 ft. in diameter were dug on top and along the sides of the em- 
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bankment to various depths and filled with sand. The one-shot chemical was 
poured into these cores, soaking the embankment and washing some of the 
sand down into the larger voids of the embankment. Additional amounts of 
chemicals were added until no further penetration could be obtained. The 
sand cores were occasionally stirred up by means of long steel bars which 
were worked back and forth to permit the maximum amount of chemical to 
work its way into the embankment. After the embankment was solidified, 
the contractor installed a nine-foot corrugated pipe, with a minimum amount 
of underpinning. 

The one-shot sodium silicate-sodium bicarbonate chemical grout was em- 
ployed to stabilize the free-running sand formation under a major highway 
and railroad tracks in Modesto, California to prevent cave-ins during the 
jacking of a 36-in. corrugated asphalt-coated sewer pipe. The pipe was 
jacked from two separate pits by means of two 75-ton hydraulic jacks, as 
shown in Fig. 10. One section of the pipe was jacked 84 feet and the other 
section 66 feet—a total of 150 feet. To prevent cave-ins, a one-foot minimum 
barrier of solidified sand was required at the face of the tunnel at all times. 
The equipment employed consisted of an air-operated duplex piston pump, a 
medium-size air compressor, several 3/8-in. steel injection pipes 1 to 5 ft. 
long, and the necessary hose and drums for the chemicals. The solidification 
permitted a much greater speed of jacking and excavating. For an equal 
number of man-hours, it was possible to jack 150 feet of pipe through solidi- 
fied material as compared to 40 feet of pipe through material which was not 
solidified. 

Chemical grouting is generally employed as a necessity rather than a 
choice. An example where chemical grouting was employed and saved money 
is the construction of tower footings in loose sand by the Los Angeles Depart- 
ment of Water and Power.(6) These towers are part of the Owens Gorge 
transmission line running through the desert. The footings ranged from 20 to 
38 in. in diameter and some of them were as large as 48 in. in diameter. To 
avoid the forming of these footings, the sand was first solidified by injecting 
a one-shot sodium silicate-sodium bicarbonate chemical grout, and was then 
excavated by means of a conventional auger. The concrete was placed direct- 
ly into the drilled hole. During the drilling operation, no caving of the sand 
was experienced. The injection-pipe layout for the piers of different sizes is 
shown in Fig. 11. Injection pipes consisted of half-inch or three-quarter inch 
galvanized pipes which were jetted into the sand and slowly withdrawn while 
the chemicals were injected. The ends of the injection pipes had a hardened 
saw-toothed tip welded on to prevent mushrooming. All the necessary equip- 
ment was mounted on two trucks and trailers. The equipment consisted of an 
air-powered duplex piston pump, a compressor, and the necessary storage 
and mixing tanks. This compact movable unit permitted rapid progress of the 
work. A four-man crew solidified 16 footings (four footings per tower) per 
day, including the preparation of chemical solutions and moving of equipment. 
The excavation of the footings by drilling with an auger took one hour per 
tower (four footings). The engineers estimated that formed footings would 
have required five days per tower for the same size of crew. 
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CHROME -LIGNIN GROUTING EXPERIENCE AT HEART BUTTE DAM 
By Leslie P. Witte 


Heart Butte Dam was constructed by the Bureau of Reclamation in 1948-49 
for the combined purposes of irrigation and flood control. The dam, located 
on the Heart River 20 miles south of Glen Ullin, North Dakota, is of the earth- 
fill type whose outlet works (as shown in Fig. 12) consist in part of a rein- 
forced concrete conduit 14 feet in diameter and over 500 feet in length. The 
conduit was constructed in 29 1/2-foot lengths with 4 1/2-foot closure sections 
using bell-and-spigot type construction joints which were sealed with an 
asphaltic mastic joint filler. 

After completion of the dam and during a ‘nonspill” period, water was ob- 
served leaking into the conduit through seven of the construction joints. Al- 
though the amount of leakage was small, considerable fine sand was being car- 
ried into the conduit from the underlying formation of semi-consolidated 
sandstone, and it was considered advisable to seal off this leakage and piping 
of sand in order to prevent eventual settlement and damage to the conduit. 
Several attempts to stop the leakage by injecting portland-cement grout into 
the underlying formation through holes drilled in the conduit near the leaking 
joints were not permanently successful. No appreciable amount of cement 
could be injected, and the seal obtained was soon destroyed by the thermal 
contraction and expansion of the conduit sections due to seasonal tempera- 
ture changes. It was theorized that the potentially greater penetrating ability 
and the more elastic gel of a chemical grout might achieve a permanent re- 
pair. On the basis of laboratory tests which will be briefly described, 
chrome-lignin grout came under consideration and was subsequently adopted 
for use in sealing the leaks on this project. 

When waste lignin liquor, a by-product of the sulphite process for making 
paper, is combined with a solution of sodium dichromate, an insoluble gel 
forms after a short time. This reaction and its application to soil stabiliza- 
tion was first investigated at Cornell University(7) under the sponsorship of 
the U. S. Army Corps of Engineers. A subsequent U. S. Bureau of Reclama- 
tion laboratory study of various chemical grouts including chrome-lignin, 
silicate-aluminate, and animal glue-formaldehyde showed that chrome-lignin 
grout had the greatest penetration ability, lowest cost, and greatest ease of 
preparation and control of setting time. On the negative side was the fact 
that under some conditions, water in contact with certain chrome-lignin gels 
will leach highly toxic hexavalent chromium from the gel. Thus, the indis- 
criminate and uncontrolled use of chrome-lignin grout could contaminate 
water (the U. S. Public Health Service limits hexavalent chromium in drink- 
ing water supplies to 0.05 ppm) and render it unsuitable for drinking pur- 
poses. Since the Heart River water is used by livestock, further laboratory 
testing was required to develop precautionary measures which mainly con- 
sisted in formulating a chrome-lignin grout that, under the actual conditions 
of the job, would insure a maximum chance of success with a negligible pos- 
sibility of introducing excessive hexavalent chromium into river water. 


Laboratory Investigations 


Approximately two hundred different formulations of chrome-lignin grout 
were made containing different concentrations of sodium dichromate and 
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lignin and containing varying amounts of acids to adjust the pH and ferric 
chloride to adjust the setting time. The first series of mixtures were made 
at 70 degrees F while the later mixtures were made at the expected tempera- 
ture at the job site, about 40 degrees F. With each mixture, the time of set 
was determined, and the hardened grout was placed in water to determine its 
potential insolubility. Each sample of the leach water was analyzed colori- 
metrically using the diphenyl-carbazide test to detect the presence and ap- 
proximate amount of hexavalent chromium leached from the hardened grout. 
These test results showed that grouts with a high dichromate-lignin ratio set 
rapidly to an insoluble gel but are potentially more toxic and more expensive. 
On the other hand, a low dichromate-lignin ratio results in a nontoxic but 
soluble gel. Consequently, the dichromate-lignin ratio selected was the low- 
est one that would produce a good, elastic, and insoluble gel. It was found 
that some hexavalent chromium could be leached from this gel for a period 
of several days but that the addition of small amounts of sulphuric acid and 
ferric chloride accelerated the reaction and shortened the time during which 
the gel was toxic. These additives were also necessary to obtain the desired 
setting time of 1 to 2 hours at 40 degrees F. 

In addition to the foregoing test, an investigation was performed to deter- 
mine whether contaminated seepage water could be neutralized by injecting a 
barrier of raw lignin in the path of the seepage. The apparatus used in this 
test consisted essentially of a sand-filled plastic pipe 6 inches in diameter 
with water seeping slowly down the pipe. A partial plug of chrome-lignin 
grout was injected into the upper end of the pipe and samples of water were 
collected from the outlet and analyzed for hexavalent chromium. It was found 
that injecting raw lignin into the pipe below the plug was effective in reducing 
any hexavalent chromium leached from the surface of the grout plug. It was 
therefore recommended that, at the job, a quantity of lignin be injected into 
the formation underlying the conduit at the leaking joint nearest the conduit 
outlet in order to intercept any contaminated water seepage downstream 
through the formation from the upstream grouting stations. 

With these foregoing precautionary measures, and with an analysis of the 
job conditions, it was concluded that dangerous contamination of the river 
water was unlikely. 


Field Application 


Prior to actual grouting, it was necessary to drill koles near the leaking 
construction joints. Holes, 2 7/8-in. in diameter, were diantond-drilled 
through the concrete by means of a small gasoline-powered drill mounted on 
a simple movable scaffold which permitted drilling at any angle, water being 
pumped to the drill from the stilling pool. The holes were fitted with rubber- 
collared grout packers with shut-off valves. The grout plant consisted of an 
air compressor stationed at the tunnel outlet, a Simplex grout pump, and two 
55-gallon drums with welded pipe connections and valves mounted on a port- 
able platform inside the tuanel. A smali stirrer driven by compressed air 
was used to mix the grout in the drums. 

The lignin liquo’’ was purchased in 55-gallon drums, sodium dichromate 
and ferric chloride in 100-pound containers, and sulphuric acid in carboys. 
The sodium dichromate and ferric chloride solutions were prepared from the 
solid materials just prior to use. All batching of the grout was by bulk 
volume. 
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Trial batches of grout, using the materials purchased for field use, were 
prepared using the formulations previously developed in the laboratory. 
These trials revealed that this lignin responded differently from the three 
lignins previously tested in the laboratory. This had not been anticipated be- 
cause the lignins tested were from different sources and all had produced 
similar results. Lignin from the new source was found to be quite acidic, 
having a pH of 4.0 as compared with a pH of about 6.0 for the previously 
tested lignins. Consequently, an additional series of 60 mixes was required 
at the job site to obtain a new grout formulation. From these tests it was 
determined that in order to produce an insoluble gel a significant increase of 
the dichromate-lignin ratio was necessary. Also, the tests revealed that sul- 
phuric acid was not beneficial, and it was therefore eliminated from the grout 
finally used to seal the joints. Although there were small variations, a typi- 
cal grout made in 40-gallon batches consisted of: 


Lignin 30 gallons (50 percent solution) 

Sodium dichromate 4 1/2 gallons (solution—30 pounds plus 3 gallons 
water) 

Ferric chloride 2 1/2 gallons (solution—175 pounds plus 35 gal- 
lons water) 

Water 3 gallons 


The above listed formulation required 1 to 2 hours for gelation or “set” at 40 
degrees F, the temperature to which the grout would be subjected. Tempera- 
ture measurements of the grout provided an indication of the accuracy of the 
batching proportions and served as a warning when the grout was in danger of 
gelling in the equipment. 

Grouting operations were begun at the leaking joint nearest the downstream 
outlet of the tunnel. Eight holes (Fig. 12) were drilled near this first joint; 
however, neither water nor grout could be forced into the four holes in the 
upper half of the conduit; and since all leaks in the conduit were near the 
bottom, only “bottom” holes were drilled in the remaining joints. As pre- 
viously decided, a quantity of ‘raw” lignin was injected behind the conduit to 
intercept any contaminated water that might seep into the river. In general 
the grouting procedure was first to inject grout into the “bottom” holes and 
then to grout those on the sides of the conduit. When water-testing indicated 
that a hole was “open,” 40 gallons of grout was prepared in one of the drums, 
mixed for several minutes, and then pumped into the hole. If the hole 
appeared to “take” the grout easily at a low pressure, another batch of grout 
was immediately prepared in the other drum, and so on until the hole refused 
grout at a pressure of 90 psi. When the clear water leaking from the joint 
had changed to a dark brown color and thickened, escape of the grout through 
the leaks was controlled and finally stopped by caulking with lead wool. This 
procedure permitted the grout to first circulate and then “set” within the 
joint. After the leaks were completely stopped and the holes successively 
grouted to refusal at a pressure of 90 psi, grouting was commenced at the 
next leaking joint upstream. A few holes in which some leakage persisted 
were later regrouted. A total of 1500 gallons of chrome-lignin grout was 
injected into the holes (Fig. 12). After completion of grouting, the drill holes 
were plugged with dry tamped concrete. 

During grouting, some grout leaked or otherwise escaped into the tunnel. 
When this occurred, a drum of lignin liquor was opened and an excess of lig- 
nin allowed to flow down the tunnel and into the stilling basin to react with 
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ie the sodium dichromate and prevent an excessive accumulation of hexavalent 


. chromium in the stilling basin. 

: In order to determine whether hexavalent chromium was being imparted 

4 to the Heart River during the grouting operation, diphenylcarbazide color 

? tests were made on water samples taken from several locations along the 
stream. Briefly, the maximum concentration of hexavalent chromium in the 
stilling basin was 4 ppm, which occurred at the end of grouting operations. 
However, the river water 1/2 mile downstream was negative (less than 0.05 
ppm). Grouting was completed on the fourteenth day, at which time the spill- 
way gates were opened and the conduit and stilling basin were flushed with 
water which effectively diluted the chromium to an undetectable amount. 

The leaks were effectively sealed at the time of grouting and, after ap- 
proximately 9 months of service, no leakage other than very slight weeping 
was found at any construction joint in the conduit. The grouted joints were 
found to be exceptionally tight. 


FIELD EXPERIENCES WITH CALCIUM ACRYLATE GROUTS 
AND ACRYLAMIDE METHYLENE BIS ACRYLAMIDE GROUTS 


By John P. Gnaedinger 


The author’s first experience in the field of chemical grouting of soils was 
in 1951, when his laboratory research pointed the way to field experiments 
and thus eventually to several successful field applications. While the first 
chemical grout employed in the field was not considered reliable enough for 
practical utilization, it did lead to successful experiments with other chemi- 
cals. These chemicals employed in various combinations possess most of 
the qualities needed for successful grouting by the single-solution method of 
granular soils and fractured or porous rock. 


Laboratory Experimentation 


Calcium Acrylate 


The original chemical employed in laboratory research was calcium 
acrylate. Information on this chemical can be obtained in a brochure on cal- 
cium acrylate prepared by the Rohm and Haas Chemical Company. This 
chemical was originally developed in the Soil Stabilization Laboratory of the 
Massachusetts Institute of Technology. It had proven successful as an ad- 
mixture to soil to increase the bearing capacity and cohesion for support of 
trucks and other army vehicles. 

The purpose of the original research was to determine whether calcium 
acrylate would be useful for injection into soils rather than to be used as an 
admixture. This research was limited to relatively pervious soils, primarily 
sands. Study was made of the effect of chemical concentrations and other 
factors on the increase in cohesion and reduction in permeability of the 
treated soils. 

Calcium acrylate, supplied as a fine white powder, is described by the 
manufacturer as a water-soluble monomer. It is capable of polymerizing in 
aqueous solutions, to form continuous rubbery gels which can dehydrate to 
rigid products. Though the polymers are insoluble in water, water is soluble 
in the polymer to a certain degree. 
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Acrylamide Methylene Bis Acrylamide 


Laboratory experiments were also conducted with acrylamide methylene 
bis acrylamide, a product of the American Cyanamid Company. The advan- 
tages of this chemical are: the grout is of low viscosity; the size of monomer. 
in solution is small in contrast to the grain size in cement or asphalt grouts; 
the polymer formed is stable; the chemical is adaptable to combinations with 
such additives as Methocel, calcium acrylate, and others, which change the 
properties of the resulting gel; a single solution is injected which makes pos- 
sible control of the time of gelation; and the material-handling cost is low be- 
cause of the low concentration of solids in the injection solution. 

It is not within the scope of this paper to dwell to any great extent on the 
chemistry of the chemical grouts, and the following portions of the paper de- 
scribe some of the field experiments in which the various one-solution chemi- 
cal grouts were employed. 


Twelve-Foot Diameter Tunnel Heading in Detroit 


The first field experiment using calcium acrylate was directed at the 
stabilization of silty sand in the heading of a 12-ft. diameter tunnel being con- 
structed in Detroit, 90 ft. below the ground surface. 

The construction of the tunnel was hampered when the sand at the heading 
began to run into the tunnel. Although normal air-pressure procedures are 
usually satisfactory to prevent such difficulties, an air pressure of 35 psi. 
within the runnel failed to prevent water from flowing into the tunnel heading. 
The water in the fine silty sand was apparently under excess hydrostatic 
pressure, probably due to a large gas pocket somewhere in the stratum. 

Even though the cost of chemicals alone for stabilization of the tunnel was 
calculated to be approximately 25 dollars per cu. yd. of soil, it was anticipated 
that considerable savings in construction cost would result if the chemical 
could be injected into the soil. 

In view of the difficult working conditions in the tunnel heading, experimen- 
tation to evaluate the effectiveness of the chemical grout was carried on at 
the surface. Sand obtained from the tunnel heading was compacted into a 55- 
gallon drum having a flanged fitting at the top for the insertion of injection 
needles. Weepholes to permit the escape of air were drilled around the 
periphery of the drum. The chemical was mixed in a 20-gallon pressure 
vessel. 

Due to the low permeability of the silty sand, it was found to be impossible 
to inject the chemical inte the sand. Most of the chemical being injected was 
found to rise to the surface along the injection needle and to bubble out the air 
weepholes. Various calcium acrylate and catalyst concentrations were em- 
ployed in this experiment under an injection pressure of approximately 25 psi. 

In this experiment, additional difficulties in obtaining polymerization were 
encountered. Exposed ferrous surfaces greatly accelerated polymerization of 
the chemical, causing a premature polymerization during the first few experi- 
ments. Later, in the laboratory, the solutions were found to polymerize when 
mixed alone, but did not polymerize when mixed with the sand. This experi- 
ence led to the tentative conclusion that sodium chloride in the sand inhibited 
polymerization. It was also found that pressure as well as temperature had 
an effect on the time of polymerization. 

Finally, difficulties involved in inserting the injection needle into the soil 
were realized when sand entered the openings in the needle. Since piping 
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along the outside of the needle indicated that jetting the injection pipe into the 
soil would simply increase the rate of piping when pressure was applied to 
the fluid, this method of insertion was not tried. The solution of this problem 
was found in conjection with the third field attempt which is described later. 


Coarse Sand Stabilization in Bromley Tunnel Heading 


The second project with calcium acrylate was in a 4-ft. diameter sewer 
tunnel heading in Bromley, Kentucky. The soil encountered was a dry coarse 
sand and gravel in an extremely loose state. The strong tendency of this ma- 
terial to run into the tunnel heading made it almost impossible to advance the 
tunnel by lagging or other conventional means. 

Since no difficulties were realized in inserting injection needles, the origi- 
nal experimentation was carried on in the tunnel heading itself. Several in- 
jection pipes were driven into the sand at the heading, and the chemical was 
injected without any difficulties. However, inspection of the heading after in- 
jection revealed little if any increase in cohesion of the sand, although sam- 
ples of the chemical grout taken from each batch had polymerized in the 
sample jars. 

To investigate this failure in the tunnel heading, a large sample of the 
sand was hrought to the surface and dumped into a tub containing a suitably 
catalyzed caicium acrylate solution. This experiment gave an indication of 
the cause of the difficulties in the tunnel heading, as the solution failed to 
polymerize even when it was obviously a continuous phase in the saturated 
sand. However, the supernatant liquid at the surface of the tub did poly- 
merize. Measurements indicated that only 20 percent of the calcium acry- 
late originally added to the water had polymerized on the surface and that 80 
percent was in a non-polymerized state within the body of the sand. It ap- 
pears that the failure was caused by the influence of iron present in the sand 
(indicated by its reddish color). Thus the soldium chloride in the Detroit 
sand, and the iron in the Bromley sand were each considered to be factors in 
the lack of polymerization. 

It was further concluded that the relatively high permeability of the Brom- 
ley sand permitted the chemical to drain from the injection pipe and thus to 
dissipate before it had a chance to polymerize. This difficulty has since 
been averted by the addition of bodying agents such as Methocel which in- 
creases the viscosity and prevents the chemical from draining before it has a 
chance .o polymerize. It was also found that the air in the dry sand was an 
inhibitor to polymerization. 


Acrylamide Methylene Bis Acrylamide Injection in Sewer Excavation 


Several hundred feet of a sewer line under construction in northwest 
Chicago was 26 ft. below ground and running generally through clays except 
for a limited distance through sand. Where sand was encountered, the sand 
layer was 8 ft. thick, extending upward from the invert elevation, and the 
water table was 4 ft. above the top of the sand. As the trench was opened, the 
sand caved into the trench, resulting in considerably greater caveins extend- 
ing to the ground surface and increasing the width of the required excavation 
from 3 ft. to approximately 25 ft. Considering the cost of sheeting or well 
points, it was considered that savings would be realized by stabilizing the 
sand by chemical grout. 
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Acrylamide methylene bis acrylamide, a product of the American Cyana- 
mid Company, was injected through needles installed by means of truck- 
mounted rotary soil-boring equipment. To prevent the sand from entering the 
injection needle during driving and to avoid a jetting procedure which would 
result in piping of the chemical upward along the injection pipe, the injection 
point was filled with ice. This filling was accomplished by placing the injec- 
tion needle in a piece of 4 in. drill casing, packing dry ice around the injec- 
tion point and pouring water into the frozen point. The ice which immediately 
formed acted as a temporary plug which permitted the driving of the injection 
pipe and prevented the sand from entering through the holes. No difficulties 
were encountered in injecting the chemical in these experiments. However, 
it was decided to move the centerline of the sewer rather than go to the ex- 
pense of injecting chemical and no further injection was undertaken. 


Seepage into Boiler Room on Shore of Lake Michigan 


Those portions of Chicago that border on Lake Michigan are generally 
underlain by 15 to 25 ft. of sand, which has been deposited on the beaches of 
the old glacial Lake Chicago. This sand is usually in a dense state, witha 
considerable amount of gravel present at some locations. 

The ground-water table is located approximately 8 ft. below the ground 
surface. Many of the boiler rooms and other portions of basements of large 
apartment structures on Lake Shore Drive in Chicago are carried to depths 
as great as 15 ft. below ground surface and are subject to considerable seep- 
age of ground water usually through cracks or porous spots in the concrete. 
The seepage of water into boiler rooms is generally made worse by expansion 
and contraction of the boilers, which causes cracking in the floor slabs. 

The author was engaged to perform the necessary chemical injections to 
stop the leakage into a boiler room of a building located on the shores of Lake 
Michigan. From experience gained in previous injections of chemicals, it was 
decided to drill holes through the slab and walls of the boiler room and inject 
the acrylamide methylene bis acrylamide grout through inserts directly into 
the sand. 

Figure 13 shows the general design features of the boiler-room slab and 
the well points which were originally used in an attempt to prevent seepage 
into the boiler room. This attempt with well points was found to be an unsat- 
isfactory as well as a temporary measure. 

Ground water was seeping into the slab beneath the boiler, and escaping 
from the cleanout door onto the boiler-room floor. The injection holes were 
drilled by means of a carbide bit. 

Figure 14 shows the installation employed for injecting the chemicals 
through the slab. 

Figure 15 shows the relatively primitive but effective technique of mixing 
the chemical and catalyst in a tank coated with several layers of special 
lacquer to prevent interaction between the metal tank and the chemicals. A 
simple hand-operated pump was employed for the injections; this pump was 
selected because of the ease of cleaning after each injection. 

There is no indication of seepage into this boiler room since the injections 
were performed in December 1953, and it appears that the acrylamide 
methylene bis acrylamide polymer is stable, at least under the conditions 
present at this boiler-room site. 

The cost of injecting the chemical into the sand surrounding the boiler 
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room was one-third the cost of other types of chemical injection, was less 
than installing half a dozen well points, and was less than half the cost of in- 
stalling expanding concrete inside and around the periphery of the boilers. 
Both the well points and the expanding-concrete work had actually been per- 
formed prior to the use of the chemical injection techniques. 


Deep Basement Seepage in Chicago Loop 


The lower basement of a recently constructed Chicago Loop building locat- 
ed 20 ft. below the adjacent level of the Chicago River exhibited severe leak- 
age at a number of locations. The seepage was entering the basement through 
porous honeycombed areas in the concrete walls. 

With a carbide bit, holes were drilled through the wall, which was found to 
be 28 in. thick. The backfill was found to be sand or clay with no apparent 
uniformity. The injection was complicated by the lack of uniformity in the 
backfill, and by the fact that the holes drilled perpendicular to the wall at the 
location of the leak within the structure did not emerge from the far side of 
the wall anywhere near the place where ground water was apparently enter- 
ing the honeycombed portion of the wall. It was therefore necessary to pre- 
pare special insert points that would inject the chemical directly into the 
porous structure within the concrete rather than into the soil behind the con- 
crete wall. The wall started to dry immediately after the acrylamide 
methylene bis acrylamide grout was injected. There is no evidence of mois- 
ture on the wall since the injection was performed four months ago. 


SUMMARY 


There are many problems associated with the construction and mainte- 
nance of engineering structures where chemical grouting could be employed 
to an advantage. These problems include the construction of tunnels and 
caissons through sand located below the water table; prevention of seepage of 
ground water into basement structures through pervious soils; seepage of 
water through dams, levees, reservoirs and fractured or porous rock; con- 
struction of open excavations through granular materials; and control of 
seepage into mines and tunnels and through bridge abutments. 

It appears that the use of chemical grout, such as acrylamide methylene 
bis acrylamide, offers promise in solving some of these problems. 

It should be emphasized that chemical grouting should be handled by per- 
sonnel familiar with the chemical processes and injection techniques, and 
that soil conditions should be investigated prior to injections. 


ACKNOWLEDGMENTS 


The authors are indebted to Roy E. Wright and J. M. Henshaw of the 
Philadelphia Quartz Company of California for their cooperation in the field 
applications of one-shot sodium silicate grouts, and to J. J. Polivka, 
Berkeley, California who was the consulting engineer on some of these field 
applications. 

Credit goes to R. W. Burrows of the U. S. Bureau of Reclamation who per- 
formed the development and grout-formulation work of the chrome-lignin 
grout both in the laboratory and at the job site; his firsthand information was 


= 
| 
alt 
| 
4 
a 
| 
| 
4 
| 
| 
| 
id 
‘ 
| 
| a 
| 
| 
a 
| 
| 
| | 
| | 
| 
| 


ASCE POLIVI@A, et al. 1204-31 


invaluable in the preparation of the section dealing with grouting at Heart 
Butte Dam. 

Valuable assistance and advice was rendered at various times during the 
work with calcium acrylate grouts and acrylamide methylene bis acrylamide 
grouts by T. W. Lambe of the Massachusetts Institute of Technology, V. C. 
Meunier of the Rohm and Haas Co., J. G. Affleck of American Cyanamid Co., 
and R. J. Gnaedinger Sr., Consulting Chemist. 


REFERENCES 


1. “Francois and Porter Grouting Process,” by A. H. Krynauw, Engineering 
and Contracting, April 1919. 


2. “Chemical Solidification of Loose Soils,” by H. Joosten, the Constructor, 
August 1937. 


3. “Solidifying Sand, Gravel, and Weak Rock,” by L. R. Jorgensen, Western 
Construction News, November 1931. 


4. “Chemical Stabilization of Sand Speeds Driving of Ten-Foot Tunnel,” by 
R. E. Wright, Engineering News Record, August 1949. 


5. “Running Sand Chemically Solidified,” by Milos Polivka, Western Con- 
struction News, July 1949. 


6. “Soil Stabilization Speeds Tower Footing Excavation,” by E. G. Gershoy 
and C. Mueller, Electrical World, January 1951. 


7. “Applied Research, Chrome-Lignin Process and Soil Briquetting,” 
Volume II, Cornell Research, Technical Intelligence Branch of Engineer- 
ing Research and Development Laboratories, Fort Belvoir, Virginia. 


* 
4 
~ 
= ae 
pe 
| 
7 
x 
= 
=| 
a 
Dy 
- 


a 
ae 
‘ 
4 = 
A 
4 
q 
7 Von? 
4 
4 
4 
4 
| 
3 
Fall 
ge 
a 
ae 
ay 
| 
ta 
ibe age 
soe 
4 


Paper 1205 


Journal of the 
SOIL MECHANICS AND FOUNDATIONS DIVISION 


Proceedings of the American Society of Civil Engineers 


COMPACTING EARTH DAMS WITH HEAVY TAMPING ROLLERS 4 
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SYNOPSIS 


The results of compacting 39 Bureau of Reclamation earth dams by 
heavy tamping rollers are compared with the laboratory standard compac- 

tion test. A statistical method of obtaining roller curves from control tests 
made during construction is presented. The results of this type of analysis 
on 3 dams which represent a wide range of impervious soils are given. 


INTRODUCTION 


The virtually exclusive use, since 1933, of the tamping (sheepsfoot) rol- 
ler for compacting earth dams has been challenged by a variety of new types 
of equipment. The latter include pneumatic-tired rollers which differ among 
themselves in number, arrangement, and size of tires; in type of wheel sus- 
pension; in ballast capacity; and in ability to transmit vibratory energy to 
the soil. New types of nonpneumatic rollers include the heavy steel mesh 
cylinder, the grooved roll, the scalloped roll, and the segmented roll. 
Several of these new rollers have apparently demonstrated sufficient econo- 
my and technical merit to be included as alternatives to the sheepsfoot rol- 
ler in specifications for large earth dams. 

The Bureau of Reclamation has permitted its contractors to make large- 
sc’ ‘e tests of new types of rollers in selected portions of earth dams in 
or ier to compare cost and performance of the new equipment with the sheeps- 
foot roller in different soils under job conditions. Such tests were made with 
rubber-tired rollers at Tiber Dam, Montana. At Kirwin Dam, Kansas, and 
Palisades Dam, Idaho, rubber-tired compaction was permitted in portions of 


Note: Discussion open until September 1, 1957. Paper 1205 is part of the copyrighted 
Journal of the Soil Mechanics and Foundations Division of the American Society of 
Civil Engineers, Vol. 83, No. SM 2, April, 1957. 
a. Presented at San Diego Convention, ASCE, February, 1955. 
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op " the dams outside of the water-barrier zone. However, specifications for 
} compacting the impervious portion of Bureau** dams have thus far retained 
the requirement for heavy tamping rollers. 

In comparing the technical effectiveness of one type of roller with another, 
the design objective of the fill must be carefully considered. Differences in 
function between embankments for dams, on the one hand, and for roads and 
air fields on the other hand, are obvious; but a valid comparison of rollers 
may require distinguishing the earth dam built primarily for flood control 
from the one whose main purpose is conservation of water. The current 
Fe lack of agreement among engineers on several aspects of the subject of 
compacted cohesive soils further complicates the evaluation of compactive 
equipment. Thus, the proponents of wet-of-optimum placement water content 
a are likely to use criteria different from the ones used by those who favor 
a compacting the soil dry of optimum for the compactive effort used. The 
emphasis placed on the related concepts of pore-water pressure, over- 
br: compaction, and cracking in fills varies greatly among soil mechanics 
specialists, and any one of these concepts may be decisive in an evaluation 
of rollers. 

If compaction equivalent or or superior to that obtainable by the tamping 
roller can be achieved by new types of equipment traveling at much higher 


: 


speeds over thicker layers, the days of the sheepsfoot roller are indeed 

é numbered. However, in order for engineers to be satisfied that equivalence 
rd is actually obtained, the record of compaction by modern sheepsfoot rollers 
hE: should be examined. As part of such a review, it is the purpose of this 
ib paper to report on experience with the heavy tamping roller on Bureau of 
= Reclamation earth dams. 
4 Origin and Use of the Bureau Roller 
ee It has been reported that the sheepsfoot roller originated as a result of a 
| flock of sheep crossing a scarified, oil-treated road surface in Southern 

a California in 1906.(1) A patent on the “Petrolithic” roller was issued in that 


year. Rollers with feet 7 inches long, 4 square inches in area, and exerting 
unit pressures of 75 psi were used to compact earth storage reservoirs in 
California in 1912. This type of roller was reported to be “the only one 
which would compact a fill in layers without producing lamination, giving a 
uniform degree of compaction and density.”(2) 

Echo Dam, Utah, in 1928 was the first Bureau dam compacted by a sheeps- 
foot roller. The equipment was a two-drum Rohl tamper with a 48-inch- 
diameter drum 4 feet long. The 7-1/4-inch feet were staggered on 8-inch 
Py centers and were provided with 3-inch-diameter ball-shaped heads. The 
‘ two-drum roller weighed 9,600 pounds, or 1,200 pounds per foot of drum 
Be. length, and exerted a nominal unit pressure (weight of drum divided by cross- 
gl sectional area of one row of feet) of 170 psi. During the following decade, 15 
& Bureau dams were compacted by sheepsfoot rollers which varied in weight 
a per foot of drum length from 1,178 pounds to 2,900 pounds, and in unit pres- 
sures from 175 to 434 psi. In general, the weight of the rollers was in- 

Bs: creased gradually in this period. Bureau specifications were written so that 
. ae at least 2 available commercial rollers could compete. The effectiveness of 


4 **“Bureau” refers to U.S. Department of the Interior, Bureau of Reclamation. 
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these rollers varied greatly with the different soils; hence, modifications to 
the equipment and to compaction procedures were common during construc- 
tion. For example, at Caballo Dam, New Mexico, 1936-1938, it was found 

that unballasted sheepsfoot rollers could not adequately compact a silty, 
gravelly sand in 6-inch lifts, regardless of the number of passes used. By 
ballasting the roller drums with sand and water, which increased the nominal 
unit pressure from 250 to 388 psi, 12 passes of the rollers produced satis- 
factory densities. 

The difficulties in obtaining consistently satisfactory results with the 
available commercial rollers, led Bureau engineers to design a tamping rol- 
ler incorporating the best features of several then-existing rollers. Their 
experience had emphasized the importance of obtaining maximum weight of 
roller consistent with ability of available tractors to pull it, ruggedness to 
meet the requirements of high rates of construction, and some flexibility in 
compactive effort to secure satisfactory compaction for a wide variety of 
soils. Some of the features of the Bureau design had been used successfully 
in California. The size of the Bureau roller was similar to one which had 
been used to compact rocky materials at San Gabriel Dam No. 1 of the Los 
Angeles County Flood Control District. Rollers with demountable feet and 
swiveled drums, which were included in the Bureau design, had been built for 
Bouquet Dam by the Los Angeles Water Bureau. 

The Bureau roller was used for the first time in 1938 during construction 
of Deer Creek Dam, Utah. It consisted of a unit of two drums in hinged 
frames which permitted each drum to pivot about an axis parallel to the 
direction of travel. The drums were 5 feet in diameter and 5 feet long and 
were made of 1-inch-thick steel. Cast-steel tamper shanks were welded to 
each drum in 20 curved rows, 6 to a row, so that each drum had 120 equally 
spaced knobs 9-3/4 inches long each equipped with a removable tamper head 
3 inches in diameter. When fully ballasted with sand and water, the two-drum 
unit weighed at least 41,500 pounds, giving a nominal unit pressure of 490 psi. 
In addition to varying the number of passes and thickness of layer, flexibility 
of compactive effort could be obtained by changing the weight of the roller 
from about 2,000 pounds per foot of drum length, when empty, to more than 
twice that weight when fully loaded; and by changing the shape or area of the 
removable tamper head, if necessary. The latter feature was believed valua- 
ble for rapid, on-the-job replacement of heads worn by abrasive soils. 

From 1938 to 1947, this roller was used on all Bureau earth dams, and 
was built and sold by several manufacturers. With an expanded Reclamation 
program in the post-World War II period, the Bureau changed its roller speci- 
fications to permit use of available commercial rollers which could be modi- 
fied at small cost to meet the essential requirements of the Bureau roller. 

Current specifications (1956) require tamping rollers having drums not 
less than 5 feet in diameter and between 4 and 6 feet long; the space between 
adjacent drums must be between 12 and 15 inches. Each drum is to be free 
to pivot about an axis parallel to the direction of travel. One tamping foot 
must be provided for each 100 square inches of drum surface. The space 
between the feet must be equal to or greater than 9 inches. The length of the 
feet is to be maintained at a minimum of 9 inches. The cross section of the 
feet must be equal to or less than 10 square inches at a distance of 6 inches 
from the drum’s surface, and must be equal to or greater than 7 square 
inches, but not greater than 10 square inches, at a distance of 8 inches from 
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the drum’s surface. The weight of the roller when fully loaded with sand 

and water is to be not less than 4,000 pounds per foot of length of drum. A 
pressure relief valve is to be provided on each drum. The loading and the 
operation of rollers are subject to approval by the Government, and the load- 
ing must be such as to obtain the desired compaction. The contractor is re- 
quired to keep the spaces between the tamping feet clear of material which 
would interfere with compaction. 

Since the introduction of the heavy tamping roller in 1938, approximately 
50,000,000 cubic yards of impervious material have been compacted by 
essentially the same type and amount of compactive effort in 39 Bureau 
of Reclamation earth dams. The soils varied from mixtures of sand, 
gravel, and cobbles up to 5 inches in size containing barely enough fines for 
impermeability to fine-grained, plastic clays. About 28,000 field density con- 
trol tests, or 1 for every 1,800 cubic yards of soil, were made on these jobs. 

Table 1 lists all completed Bureau earth dams in which the water-barrier 
portions were compacted to 6-inch layers by 12 passes of rollers meeting the 
foregoing specifications. On several of the recent jobs, rollers built in ac- 
cordance with Bureau drawings were used interchangeably with other rollers 
meeting the specifications. The control statistics listed in Table 1 are for 
all field density tests, including those made in areas that were compacted by 
small power tampers and, in rare instances, where more than 12 roller 
passes were made. However, the vast majority of the tests were made in 
soils compacted by 12 passes of the heavy roller to 6-inch compacted lifts. 
Since power -tamped fill is required to be equivalent to the rolled fill, the 
tabulation should represent fairly the degree of compaction that has been 
achieved by the roller for a wide variety of soils under job conditions. In the 
columns headed “Average Soil Characteristics,” the Unified Soil Classifica- 
tion symbols refer to the modification of A. Casagrande’s Airfield Classifica- 
tion System adopted by the Corps of Engineers and Bureau of Reclamation in 
January 1952.(3,4) The other date are equivalent to ASTM standards,(5) ex- 
cepting that the Bureau compaction test is made in a 1/20-cubic-foot cylinder 
in three 2-inch layers with 25 blows per layer of a 5-1/2-pound hammer 
dropped 18 inches, for a total effort of 12,375 foot-pounds per cubic foot of 
soil. This is the same numerical effort as the ASTM standard, although dif- 
ferences in results have been reported.(6) Also, the Bureau obtains the 
Proctor penetration resistance of the compacted soil,(7) and uses a constant- 
head type of permeability test.(8) Additional descriptive data and field com- 
pression characteristics of some of the soils listed in the table are given in 
Bureau publications.(9,10) 

The columns headed “Compaction Results Based on -No. 4 Fraction” give, 
in terms of differences or variations, the statistics for three comparisons of 
fill conditions with laboratory test results: (1) Variation of fill water content 
from laboratory optimum water content; (2) variation of fill dry density from 
laboratory dry density at the same water content (which is a comparison of 
roller effort to laboratory effort); and (3) variation of fill dry density from 
maximum laboratory dry density (which relates the fill to the laboratory 
standard used as a basis for strength, compression, and permeability tests). 
Davis(11) has discussed the statistical treatment of (1) and (3). This paper 
will consider (2). 

The field density tests, which furnished the results given in Table 1, are 
made in the following manner: All uncompacted material is removed from 
the surface of the fill and the soil is excavated to form a hole about 8 inches 
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in diameter and 12 to 14 inches deep. Proctor penetration resistance is 
measured both at the surface and when the excavation has reached 6 inches 
in depth. The volume of the hole is determined by filling it with loose, dry, 
uniform sand of known density. The excavated material is protected from 
loss of moisture and is taken to the field laboratory. There it is weighed 
and screened on the No. 4 U.S. standard sieve. The portion retained on the 
sieve is dried, weighed, and its volume is determined. Specimens of the 
minus No. 4 fraction are compacted by the standard laboratory procedure at 
4 or more different water contents, one of which is the fill water content. A 
dry density-water content curve is drawn and the peak is determined. The 
fill dry density on the minus No. 4 basis is computed by deducting the volume 
of plus No. 4 fraction from the volume of the hole and dividing the result into 
the computed dry weight of minus No. 4 fraction. This is compared with the 
laboratory dry density at fill water content, (2) avove, and with the maximum 
laboratory dry density, (3) above. 

Qualitative information on whether the rollers “walked out” is given in the 
extreme right column of Table 1 for dams where such data were reported. If 
the roller feet penetrated the lift at least 4 inches less, on the average, at 
the twelfth pass than during the first pass, it was considered to walk out, and 
is designated by the word “yes.” If, on the average, less than 2 inches of 
walkout was reported, the notation “no” was made. Walkout of at least 2 
inches but less than 4 inches is designated by “some.” The column headed 
“Average fill needle,” refers to penetration resistance tests made with the 
Proctor needle in the fill during the field density tests. This needle test was 
not made in soils containing appreciable quantities of gravel sizes, and those 
instances are designated “rocky” in the table. 


Analysis of Field Results 


Comparison of Roller and Laboratory Efforts 


Figure 1 is a plot of the comparison of roller and laboratory density re- 
sults given in Table 1 to show the influence of soil classification and of the 
excluded plus No. 4 fraction (gravel percentage includes cobbles up to 5 
inches) on the apparent effectiveness of the roller. For soils containing 
little or no gravel, there were only two instances of roller compaction 
averaging less than laboratory compaction at the same water content; the 
loess at Medicine Creek Dam (21, ML) and the somewhat micaceous silty 
sand at Olympus Dam (13, SM). Other fine-grained nonplastic soils similar 
to the Medicine Creek silt, such as Bonny North Borrow (22, ML) and North 
Coulee (25, ML), and other coarse-grained silty sands somewhat similar to 
the Olympus sand, such as Bonny South Borrow (23, SM) and Rattlesnake 
(35,SM) were compacted to densities appreciably above that obtained in the 
laboratory cylinder. Examination of Table 1 shows that the low densities 
for soils 13 and 21 cannot be attributed to significant differences in place- 
ment moisture content from comparable soils nor to the roller failing to 
“walk out.” A combination of poor soils and excessively thick lifts probably 
best accounts for these results. 

On the other hand, there are indications that some of the high fill density 
values shown in Figure 1 may not represent true roller performance. The 
validity of the field density test procedure depends on no change occurring in 
gradation of the compacted soil after being removed from the fill, reworked, 
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and recompacted in the cylinder. For soils that were transported over great 
distances by wind or water, this disintegration is usually minor, but some 
residual soils continue to break down into finer gradations on repeated com- 
paction. Finer gradation would tend to make the cylinder densities of such 
soils decrease, which would account for an abnormally high difference of fill 
to cylinder density. It should be noted that of the nine low-gravel-content 
soils with fill densities more than 3 pounds per cubic foot higher than 
laboratory density, six (No. 39, 11, 8, 9, 10, and 5) are residual soils. 

Breakdown of particles also results in a higher optimum water content 
for the soil which is reflected by an increase in the difference between fill 
water content (which is independent of particle size) and the laboratory 
optimum determined in the field density test procedure. The average water 
content of the 44 soils listed in Table 1 is 1.2-percent dry of the laboratory 
optimum. In contrast, the water contents of the six soils whose high field 
densities are suspected of being due to appreciable disintegration during 
recompaction averaged 2.7-percent dry of optimum. 

The high value of the Lauro (33, SC) soil, containing 16-percent gravel, 
also tends to corroborate this hypothesis. Laboratory studies made during 
construction showed that a breakdown of both minus No. 4 and plus No. 4 
sized particles of friable sandstone in this old alluvial fan material caused 
field density test results to indicate that the material was placed at a water 
content about 2 percent drier than desired, although water contents prior to 
compaction were apparently satisfactory. The ability of heavy tamping rol- 
lers to make significant changes in gradation of rocky materials was reported 
by Batumann;(12) the effects of these changes on the evaluation of field com- 
paction results for soils susceptible to breakdown is a phenomenon that needs 
further study on the basis of Bureau experience. 

With the exceptions discussed above, Figure 1 indicates that a variety of 
gravel-free soils were compacted to densities averaging about 2 pounds per 
cubic foot higher than the laboratory standard by 12 passes of the Bureau- 
type sheepsfoot roller in 6-inch compacted lifts. The fill density appears to 
exceed laboratory density also for materials with gravel contents up to about 
25 percent when compared on the basis of the minus No. 4 fraction. Above 
that percentage of gravel, a generally decreasing trend in densities of the 
minus No. 4 fraction with increasing gravel content is evident. This trend is 
to be expected, since large amounts of hard gravel that cannot be broken 
down by the roller will tend to carry the weight of the roller by arch action 
of the coarse particles, leaving part of the fines uncompacted. The signifi- 
cance of the low densities of the minus No. 4 fraction of such soils will be 
discussed separately. 


Obtaining Roller Curves from Test Sections 


In the previous section the densities obtained by roller compaction have 
been compared to the laboratory density at fill water content without con- 
sidering the effect of variation of placement water content. If roller com- 
paction results in a curve of fill dry density as ordinate versus water 
content as abscissa similar to the laboratory compaction curve, then the 
values plotted in Figure 1 can be considered to be the average distances be- 
tween ordinates of the roller curve and the laboratory curve. Although such 
information would appear to be of considerable importance, very few com- 
parisons of roller curves with laboratory compaction curves have been pub- 
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lished. The meager amount of data available was evaluated by a subcom- 
mittee of this society in 1950.(13) That report pointed out a dangerous ten- 
dency of the roller curves to approach the 100-percent saturation line when 
the soils were compacted wet of their optimums. Additional data have been 
published (1954) by the Corps of Engineers.(14) Large scattering of points 
has been characteristic of the roller curves in the few instances where the 
points determining the curves were shown. 

Theoretically, a carefully controlled test fill of homogeneous material in 
which all conditions are kept constant excepting the moisture content and the 
number of roller passes should develop a series of roller curves. These 
curves can be related to the standard laboratory curve to determine the most 
desirable number of roller passes and placement water content for the soil. 
Many test fills have been made on Bureau earth dams as part of the contract 
work prior to the start of large-scale embankment construction. These test 
fills were valuable in training inspectors and laboratory personnel in control 
procedures, but were generally disappointing to those expecting to obtain good 
roller curves. In most cases, the data showed trends indicating that 10 or 12 
passes of the heavy Bureau roller were needed to compact a large variety of 
soils consistently to densities comparable to laboratory compaction. 

The reasons for the failure of test sections under job conditions to develop 
roller curves may be indicated by a review of one undertaken at Cachuma 
Dam, California, in 1951. An area 310 feet long and 70 feet wide was used for 
the test fill. It was divided longitudinally into six strips which were com- 
pacted by 6, 8, 10, 12, 14, and 16 passes, respectively, of the Bureau roller 
ballasted to 47,000 pounds, or 4,700 pounds per foot of drum length. This 
corresponded to a nominal unit pressure of 553 psi. Transversely, the test 
area was divided into four portions in which the intent was to obtain water 
contents of minus 4 percent, minus 2 percent, 0, and plus 2 percent from 
laboratory optimum. Six lifts were placed, and each lift was compacted to a 
thicknecs of 6 inches. 

The material selected for the test fill was passed through a 3-inch screen 
at the separation plant to remove cobbles and boulders. Water was added at 
the plant. The soil was classified as a gravelly sand with silt-clay binder, 
SC. Its gravel content averaged 27.1 percent, which turned out to be about 9 
percent lower than the average gravel content for the dam. In spite of every 
practicable effort to obtain homogeneous soil, the field density tests showed 
that the laboratory dry density varied from 111.7 pounds per cubic foot to 
119.3 pounds per cubic foot, and the laboratory optimum water content varied 
from 13.0 percent to 15.0 percent. The percentage of gravel varied from 17.1 
to 40.2. The statistics of the corresponding laboratory properties are: 


90% confidence Standard 


Average limits(15) deviation 
Max. dry density 116.1 pcf +0.2 1.34 
Opt. water content 14.0% +0.1 0.45 
Percent plus No.4 27.1 +1.0 5.90 


Field density tests were made in accordance with the standard Bureau 
procedure previously described. After four lifts, each with a spread thick- 
ness of 8 inches, had been placed and rolled at the respective water content 
in each moisture area to provide a foundation, tests were made in the fourth, 
fifth, and sixth compacted lifts. The fill was reported to be firm in all areas 
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but the one wet of optimum in which some sponginess was noticed. Penetra- 
tion of roller feet varied from 5 inches in the driest material to 10 inches 
in the wettest material, and careful observations revealed that the penetra- 
tion remained essentiallv constant throughout the rolling of the lift. 

Table 2 and the upper portion of Figure 2 show the effect of the number of 
<A roller passes on the difference between fill density (minus No. 4 fraction) and 
Ad j laboratory density at fill water content, which difference is the same criterion 
of compaction used in Figure 1. The average soil properties, other than the 
" rock contents shown in Table 2, were almost identical for all strips. It is 
= 6 noted that the fill density progressively approaches laboratory density for 
% each increase in number of roller passes excepting 14 passes. Examination 
™ of the distribution of the water content variation from optimum in the lower 
= 6 portion of Figure 2 shows that only two of the sixteen tests made in the 14- 

_ a roller-pass strip were less than 1 percent from optimum as compared with 
: | eight tests for the 12-pass strip. Since this moisture range would be expected 
it to give higher densities than wetter or drier ones, the results of the 14-pass 
[am 6strip should be expected. In the same manner, the tests for 6 roller passes 

/ are unbalanced as to water content in that only one test was made in material 
of optimum. 
1a The 90-percent confidence limits shown in Figure 2 define the values with- 
in which the true average curve lies, nine chances out of ten. The magnitude 
m™ of the confidence limits varies directly with the standard deviation of the data 

" and inversely with the square root of the number of tests. Although the plot 
a “i indicates a general trend of increased density as the number of passes in- 
/ creased, it also shows that any attempt to draw conclusions as to the shape of 
the curve, which would be needed to determine the most desirable number of 
passes, is not warranted because of the large values of the confidence limits. 
Large standard deviations in field density test results must be expected even 
under carefully controlled field conditions, because of the impracticability of 
_ avoiding variations in soils. Only under research conditions can close con- 
trol of materials be achieved. However, for a given standard deviation the 
confidence limits can be narrowed by increasing the number of tests. Thus, 
it appears that 16 tests on each longitudinal strip were not sufficient to give 
a decisive answer to the question of how many roller passes were the most 
efficient for the Cachuma Dam test section. 

Under these circumstances, 16 tests should not be expected to give a valid 
roller curve, but in order to develop the procedure for obtaining such curves 
ae =6when a Sufficient number of tests are available, the analysis will continue. 
The laboratory optimum water content of a soil is commonly used as a 
reference point for moisture control, regardless of the fact that its magni- 
tude varies somewhat for each cubic yard excavated from a borrow area. If 
the same concept is applied to the laboratory maximum dry density—that is, 
to use it as a reference point for all densities, regardless of moisture content 
or compactive effort—a tool is available for developing average laboratory 
curves and average roller curves. 

In order to obtain the best possible average laboratory curve from the 
available data, the water contents of all 96 tests in the test section were 
divided into four approximately equal groups, as shown in the lower portion 
of Figure 2, and the average water content of each group was determined. 
Then, the variation of the laboratory dry density at fill moisture from the 
laboratory maximum dry density for each control test, was tabulated as 
shown in Figure 3 which also shows the average, the standard deviation, 
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Table 2 


CACHUMA DAM TEST SECTION 


COMPACTION RESULTS 
: : Average* fill ary : 
No. -:Average : Average : density variation : Standard 
of : gravel : fill water content : from lab. at fill : deviation 
passes :content : variation from opt.: water content 
: dry wt. : lbs /ft 


28.4: -1.91 
“1.23 
26.6 : “1.48 : 
-1.46 : -=3.241.63 


26.2 : “1.55 


26.8 -1.79 ~2 .0+2 .39 


* The + entry indicates 90% confidence limits 
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LBS. PER CU. FT. 


LL (-NO.4) FRACTION FROM LAB. OPTIMUM 


VARIATION OF WATER CONTENT OF FI 


6 8 10 12 14 16 
ROLLER PASSES 


NOTE: @ DENOTES A FIELD DENSITY TEST 


IGURE 2- TEST SECTION CACHUMA DAM 


e 4 
90 % CONFIDENCE LIMITS<y 
‘ ay 
§ 
- 
6 8 10 12 14 16 
1] ROLLER PASSES 
4 
+1.4 
4 ) +0.68 = 
0 0 
4 
4 -0.54 4 
x 
-| 
3 
-1.5 
-1.6 
“2.26 
3.0 
-3.75 
ip 
4 
4 -4.5 
7 


NOTE ‘-ORDINATES ARE 
AVERAGES OF VALUES 
TABULATED BELOW 


% CONFIDENCE 
LIMITS=, 


----STATISTICAL 
AVERAGE LABORATORY 
CURVE 


POINT ON ROLLER 
CURVE FOR 8 PASSES-- 


VARIATION OF LAB DRY DENSITY AT 
FILL WATER CONTENT FROM MAXIMUM LAB 
DRY DENSITY - LBS. PER CU. FT. 


VARIATION OF FILL WATER CONTENT FROM LAB OPTIMUM 
PER CENT DRY WEIGHT 


NO. OF 35 
PASSES 3.75 2.26 0.54 0-68 
-9.9 -5.3 -3.2 -0.2 -0.1 
-5.0 -1.8 -0.4 -0.4 
16 -3.7 -0.3 
-0.2 
~§. -1.6 -0.6 
-4.9 -2.9 -0.6 
-6.6 -3.8 
14 -6.9 -0.1 
-2.9 
-0.8 
-§.7 -0.3 -0.1 
-6.3 -3.0 -0.1 -0.1 
12 -6.7 -1.9 -0.1 -0.7 
-§.2 -0.5 
-5.3 -0.1 
-5.4 -2.8 -0.1 -0.2 
-8.0 -1.5 -0.8 -0.4 
10 -0.9 -0.6 
-44 -1.0 
-5.0 -0.1 
-8.1 -6.9 -§.7 -0.3 0 
-5.8 -3.0 -0.1 -0.2 
8 -1.9 -0.4 
-0.1 -1.0 
-0.1 
-0.2 
-§.5 -3.2 -0.2 
-2.5 -1.9 -0.2 
6 -1.2 -0.1 
-7.5 -4.1 -0.1 
-2.7 -0.1 
-0.3 
AVERAGE -9.0 ~5.59 -2.52 -0.26 -0.40 
SO%CONFIDENCE — t0.46 t0.44 +0.08 t0. 12 
STD.DEVIATION — 1.31 1.17 0.22 0.32 


FIGURE 3- DERIVATION OF AVERAGE COMPACTION 
CURVE-CACHUMA DAM TEST SECTION 
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and the 90-percent confidence limits of these differences in laboratory 
densities for all tests in each moisture range; Figure 3 also contains a plot 
of the resulting curve. Here, the 90-percent confidence limits are close 
enough to indicate the shape of the average laboratory curve. 

If a sufficient number of tests at various moisture contents were made in 
each of the rolled strips, composite roller curves could be constructed in a 
similar manner, either by plotting average differences of fill density from 
the fixed laboratory maximum density point or by plotting differences of fill 
density from laboratory density at fill moisture content along the average 
laboratory curve. In order to show that valid roller curves cannot be ob- 
tained from the 16 tests made in each strip, one can choose a group of the 
tests made in one strip at about the same moisture content variation from 
optimum and find the statistics of the corresponding fill density variation 
from laboratory density at fill water content. The largest number of tests 
grouped closely about a single water content variation, hence, the most 
promising data for a point on a roller curve, are for 8 roller passes where 
7 tests were made between plus 0.2 percent and minus 0.4 percent from 
optimum.( See Figure 2.) The data are: 


Variation of fill water Variation of fill dry density from lab. 
content from optimum dry density at fill water content 


-11.8 lbs per cu. ft. 
-5.0 

-8.2 

-1.5 

-6.6 

-6.6 

-9.9 


Average -0.14 Average -7.1 + 2.46 


Standard deviation = 3.1 


The confidence limits show that the true mean roller curve for 8 passes 
can lie between 4.6 and 9.6 pounds per cubic foot from the average laboratory 
curve at a moisture content of minus 0.14 from laboratory optimum, as shown 
in Figure 3. This very large range when compared to the average difference 
of 3.9 pounds per cubic foot between the results of 16 and 6 roller passes, 
makes it unnecessary to continue further with the attempt to derive roller 
curves from the Cachuma test section data. 


Roller Curves from Control Tests 


The foregoing example shows that by elementary statistical methods, 
average laboratory curves and roller curves can be obtained despite the 
inherent variability of soils if a sufficiently large number of tests are made 
at various moisture contents. The large amount of data which furnished the 
results reported in Table 1 is available for Bureau dams, and three of these 
were selected for analysis by this method. The choice of these dams was 
based on the large number of tests available and on an attempt to represent 
a range in types of materials and in gravel contents. Figures 4, 5, and 6 
show the results of the analyses for Anderson Ranch Dam (11-percent gravel), 
Trenton Dam completion (0-percent gravel), and Cachuma Dam (35.7-percent 
gravel), all on the minus No. 4 basis. In these analyses, there were a suffi- 
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/STATISTICAL AVERAGE ROLLER CURVE 
(-NO.4 MATERIAL) 


Ge 


POUNDS PER CUBIC FOOT 


CONFIDENCE LIMITS~ 


VARIATION OF DRY DENSITY FROM MAX. LAB DRY DENSITY 


=I 0 +! +2 +3 +4 
VARIATION OF FILL WATER CONTENT FROM LAB. OPTIMUM- PER CENT DRY WEIGHT 


NOTE: DATA BASED ON MINUS NO.4 FRACTION OF SOIL. AVERAGE PLUS NO. 4=11°% 


VARIATION OF | wo 
FILL WATER or | VARIATION OF LAB. DRY | VARIATION OF LAS. DRY 
CONTENT FROM |rects| DENSITY AT FILL WATER |DENSITY AT FILL WATER 


7 LAE ©°PTIMUM ( TOTAL CONTENT FROM MAX. LAB.| CONTENT FROM FILL 

(PER CENT DRY DENSITY (LBS./ FT.5)|DRY DENSITY (LBS./ 
TANDARD 

DEVIATION 

j 


| 2.44 |-0.70 


a THE t ENTRY INDICATES 90 PER CENT CONFIDENCE LIMITS 


FIGURE 4 - ANDERSON RANCH DAM 
STATISTICAL RELATION BETWEEN ROLLER CURVE 
AND LABORATORY COMPACTION CURVE 
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-90 %e CONFIDENCE LIMITS 
STATISTICAL AVERAGE ROLLER CURVE 


AX.LAB DRY DENSITY 


“--STATISTICAL AVERAGE LABORATORY CURVE 
~=--=~90%e CONFIDENCE LIMITS 


VARIATION OF DR 


+2 +3 
VARIATION OF FILL WATER CONTENT FROM LAB OPTIMUM- PER CENT DRY WEIGHT 


NOTE: DATA BASED ON TOTAL SOIL. PLUS NO.4 = 0% 


VARIATION OF 
FILL WATER | of 

CONTENT FROM |rpc7c| DENSITY AT FILL WATER | DENSITY AT FILL WATER 
LAB. OPTIMUM |CONTENT FROM MAX. LAB| CONTENT FROM FILL 
(PER CENT DRY] 


Sx x 

[-4.15+ 1.36] 2.23 |-0.27|-3.75 + 1.20] 
-3.48+0.43| 1.67 |+0.04|-3.57 + 065 

1.53 |-0.50|-3.22 0.34 
388 |-2.06+0.08| 1.00 |-0.5! |-2.50 + 0.20] 
0 |-1.22+0.12 
8 0 


0.86 |-0.66|-2.11 #0.10 
+0. 28+ 


-2.14+0.20| 1.18 |-0.50|-2.28+0.33 
%*19 |-3.244+0.68| 1.66 |+0.20|-2.92+0.74 


NOT PLOTTED THE + ENTRY INDICATES 90 PER CENT CONFIDENCE LIMITS 


FIGURE 5 - TRENTON DAM COMPLETION 
STATISTICAL RELATION BETWEEN ROLLER CURVE 
AND LABORATORY COMPACTION CURVE 
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STATISTICAL AVERAGE 
LABORATORY CURVE --. 


90% CONFIDENCE 
LIMITS. 


POUNDS PER CUBIC FOOT 
> 


VARIATION OF DRY DENSITY FROM MAX. LAB. DRY DENSITY 


=3 2 0 +1 +2 +3 +4 
VARIATION OF FILL WATER CONTENT FROM LAB. OPTIMUM - PER CENT DRY WEIGHT 


NOTE: DATA BASED ON MINUS NO.4 FRACTION OF SOIL. AVERAGE PLUS NO.4=35.7% 


VARIATION OF | wo 
FILL WATER | of | VARIATION OF LAB. DRY | VARIATION OF LAB. DRY 
CONTENT FROM Irecqs| DENSITY AT FILL WATER | DENSITY AT FILL WATER 
LAB. OPTIMUM CONTENT FROM MAX. LAB.| CONTENT FROM FILL 

(PER CENT DRY 1229) DENSITY (LBS. /FT.5)IDRY DENSITY (LBS./ FT.) 


STANDARD STANDARD 
-4.910-39|-4.4| |-6.05+0.65] 0.90 | 0 |+0.41 41.50] 2.10 |+0.20| 
-4.28+ 0.3! 


“*NOT PLOTTED THES ENTRY INDICATES 90 PER CENT CONFIDENCE LIMITS 


FIGURE 6 — CACHUMA DAM 
STATISTICAL RELATION BETWEEN ROLLER CURVE 
AND LABORATORY COMPACTION CURVE 
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. bt cient number of tests made throughout fairly wide moisture variations to use 
oe equal moisture groups for deriving both the laboratory and the roller curves; 
ot 4% hence, the points are equally spaced along the abscissas. In re-examining 
fi the data to obtain these curves, only those tests made on layers compacted 
“ 4g by 12 roller passes were used; hence, the numbers of tests for Cachuma and 
4 Trenton dams, shown in Figures 5 and 6, are less than the numbers listed in 
\ Table 1, which were for all tests, including those made in power-tamped 
4 oe areas and those made in areas rolled by more than 12 passes. The number 


of tests analyzed for Anderson Ranch Dam was larger than the number listed 
in Table 1 because the latter includes only tests on materials obtained from 
the Dixie borrow pit. It is noted that the optimum point for the roller curve 
‘3 of Anderson Ranch material is slightly dry of the laboratory optimum. For 
4 Trenton Dam, it is about at the same optimum, and for Cachuma Dam, where 
a the roller curve is below the laboratory curve, it appears to be slightly wet 
1.048 of optimum. In all cases the shapes of the curves are well defined by the 

Pas: narrow confidence limit lines. 

The effect of gravel content on the comparison of fill density to laboratory 
density at fill moisture content has been treated generally by Walker and 
Holtz.(16) In order to see how gravel content affects the position of the rol- 
ler curve, a separate analysis was made on the Cachuma control test results 
from which the data on Table 3 and Figure 7 were obtained. The 90-percent 
confidence limits of these curves vary considerably, since the total number 
of tests available for deriving each curve decreased as the data were divided 

h into groups for this study. Figure 7 shows, however, that the soils contain- 
Rae ing gravel have reasonably well-defined roller curves of total material. 
| 4 Figure 8 shows how the compaction curves of the different soils used at 
j Anderson Ranch Dam, Cachuma Dam, and Trenton Dam completion, compare 
with one another. In the Figure the laboratory optimum reference point for 
7 each soil in Figures 4, 5, 6, and 7 was plotted at its respective average 
laboratory dry density and moisture content. Also plotted is the 100-percent 
saturation curve for specific gravity of 2.65, which is the average for the 
| 4 three soils. The curve of total material for Anderson Ranch Dam was ob- 
| 4 tained from a statistical analysis similar to the one made for Cachuma Dam. 
1 I Table 4 summarizes that data for Anderson Ranch Dam. Figure 8 shows 


that the compacted total material of Cachuma Dam, by virtue of its greater 
gravel content, was more dense than both the Anderson Ranch soil and the 
Trenton Dam completion soil notwithstanding the fact that the fill density 
curve of its minus No. 4 fraction was below the laboratory compaction curve. 
In Figures 7 and 8, the optimum points of the roller curves of materials 
containing gravel follow approximately the line of optimums of the laboratory 
i} F curves. Therefore, the greater densities of the gravelly soils should insure 
| 2 greater frictional strength than found by tests made on the minus No. 4 
| 1 2 specimens compacted to laboratory densities. This follows from the fact 
‘sg that frictional shearing strength is a function of (1) the angle of internal 
friction and (2) the pore fluid pressure. Indications from triaxial shear tests 
on pervious gravels (17) are that the angle of internal friction increases with 
7 a density. Pore pressure increases with compressibility and decreases with 
initial air content of a compacted impervious soil. The compressibility (per- 
cent volume change of total soil under a given load) of a compacted impervious 
foe. gravelly soil must be less than that of its minus No. 4 fraction, because the 
fs) gravel particles are virtually imcompressible as compared with the fines; 
; hence, so long as there is a proportionate amount of air in the compacted 
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90% CONFIDENCE AVERAGE FOR SOILS WITH 
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Tes LAB 
TESTS) 


VARIATION OF DRY DENSITY FROM MAX LABORATORY DRY DENSITY - POUNDS PER CUBIC FOOT 


“9 -8 -7 -4 =3 -2 =I 0 +1 +2 
VARIATION OF FILL WATER CONTENT FROM LABORATORY OPTIMUM - PER CENT DRY WEIGHT 


FIGURE 7 - CACHUMA DAM 
ROLLER CURVES FOR SOILS WITH DIFFERENT AMOUNTS OF GRAVEL 
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ANDERSON RANCH DAM 
TOTAL MATERIAL 
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WATER CONTENT- PER CENT DRY WEIGHT 


FIGURE 8- AVERAGE COMPACTION CURVES 
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gravelly soil, pore pressures due to loading cannot be greater than in the 
gravel-free soil.(18) 

Thus, the low values of fill density on the minus No. 4 basis for the im- 
pervious gravelly soils in Figure 1 are not indicative of low strength. From 
the standpoint of permeability, however, these low values require careful 
checking. Large-diameter cylinders were used to make control permeability 
tests on the total material for Platoro Dam, Boysen Dam, Granby Dam, and 
Cachuma Dam. In some instances, the placement moisture content of the fill, 
which was initially 1- to 2-percent dry of laboratory optimum, had to be in- 
creased to about laboratory optimum in order to increase fill densities to 
insure adequate imperviousness. 


Test Pits 


The field density test is not the only means for evaluating the effectiveness 
of compactive equipment. On Bureau dams, whenever practicable during 
shutdown seasons, the field forces are asked to excavate a test pit in the 
compacted embankment to observe the overall result of the fill operations. 

In this way, the degree of success in attaining homogeneity of the fill, other 
than in density and moisture, can be appraised. Of particular interest in 
these pits is the result of the tendency of the tamping feet to mask the 
boundary successive compacted layers. The test pits invariably have shown 
that compaction by sheepsfoot rollers on the dry side of optimum results in 
absence of smooth surfaces between layers. 

The results of minor variations from proper control procedures are oc- 
casionally found. These lapses in control are highly instructive to the 
inspection and laboratory personnel who are given the opportunity of examin- 
ing the pit. An unusual and interesting occurrence is to find that a layer that 
was not rolled due to an oversight is not subsequently compacted by the 
weight of fill above it. Evidence of loose material under 27 feet of fill in 
one test pit indicated that the load probably arched over the soft material. 

A number of local shear surfaces, or slickensides, were encountered in a 
test pit excavated in the backfilled cutoff trench of Trenton Dam foundation. 
This phenomenon was reported by Creager(19) who attributed it to excess 
rolling or passage of heavy equipment on material with relatively high water 
content. In order to verify this, a representative sample of material from 
the pit was tested in the laboratory sheepsfoot compaction machine(20) 
equipped with a 3-inch-diameter foot. While maintaining the unit pressures 
of 500 psi, the moisture content and number of coverages were varied to cor- 
respond approximately to 12, 24, and 48 passes of the Bureau roller. After 
compaction, each specimen was carefully examined for evidence of localized 
shear failures. The sample tested was classified as a clayey loess (CL) with a 
liquid limit of 28 percent, a plasticity index of 10 percent, and a specific 
gravity of grains of 2.67. Ninety-five percent of the grains were finer than 
the No. 200 sieve. The standard properties were: maximum density, 106.5 
pounds per cubic foot; optimum water content, 18.0 percent; and Proctor 
penetration resistance, 700 psi. The laboratory tests were successful in 
producing localized shear surfaces similar to those observed in undisturbed 
samples from the test pit. However, these surfaces were found only on 
samples compacted wet of optimum water content for the effort used, which, 
in every case, corresponded to an air content of less than 6 percent. This 
demonstration served to emphasize the importance of maintaining close 
control for this material on the dry side of optimum. 
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Instruments 


The performance of the embankment during construction and during the 
operating period should reflect the effectiveness of the methods and equip- 
ment used to compact the soil. The Bureau of Reclamation has installed 
internal settlement and pore pressure measuring instruments in many of its 
earth dams. The results of these measurements are in process of being re- 
ported in a series of technical memoranda (1954-55). About half of the dams 
listed in Table 1 have been analyzed. The results show that during construc- 
tion compacted soils exhibit volume change under load of superimposed fill 
which varied from 0.9 percent of initial volume for the Boysen B-1 (GM) 
material to 4.0 percent for the Carter Lake (CL) soil under a vertical effec- 
tive load of 100 psi.(21) Measured pore pressures generally corresponded 
with the measured compression of the fill, and the placement air content in 
a accordance with the Bureau’s pore pressure theory.(22) Substantial con- 
struction pore pressures were observed in impervious materials placed 
wetter than an average of 0.6 percent below optimum. Localized high pore 
- oe pressures were found to be coincident with substantial concentrations of lifts 
inadvertently placed wet. The analysis of the pore pressures measurements 

r indicates that application of the principle of placing the soil on the dry side 
4 of optimum has resulted in a noticeable reduction of the tendency to develop 
: 7 pressures in Bureau earth dams. 


q Evaluation of Results 


Relation to Design Requirements 


The results of compaction of the impervious portions of Bureau earth 
4 dams by heavy tamping rollers must be considered in relation to the criteria 
used in designing these structures. These are: 


1. The water-barrier zone is expected to be constructed into a homogeneous 
mass free from potential paths of percolation and piping through the zone or 
along the foundation contacts. 


2. The soil mass in this zone must be sufficiently impervious to prevent 
i excessive loss of water through the dam. 


4 3. High compressibility of the impervious material is undesirable from 

the standpoint of pore pressure development during construction and reser - 
a voir drawdown, and because of possible loss of freeboard during the period 
of primary consolidation. 


4. The maximum practicable shearing strength should be obtained from 
the available impervious materials. 


5. The soil must not soften excessively on saturation. These objectives 
must be obtainable by simple, practicable construction equipment and 
operations, capable of high rates of production. 


From the standpoints of compressibility (3) and softening (5), the higher 
the densities, the better. Homogeneity (1) and impermeability (2) are satis- 
fied only by both high density and lack of stratification. In order to meet the 
strength requirement, density must be accompanied by a sufficient amount of 
air in the impervious soil to preclude development of high pore pressures, 
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which leads to the concept of placing material close to, but on the dry side of, 
optimum for the compactive effort used. 

On the basis of density alone, some of the results obtained for the soils 
reported in this paper will not satisfy Proctor’s density criterion of 300 psi 
indicated saturated penetration resistance.(23) This can be inferred from 
Table 1, which shows that 15 fill densities of soils containing less than 25- 
percent gravel were below Bureau laboratory maximum densities (on the 
minus No. 4 basis), and the Proctor needle value for many of these soils at 
laboratory optimum is about 600 psi. However, all soils were compacted to 
densities (total material) equal to or exceeding 97.5 percent of maximum 
laboratory density, with an average value of 99.8 percent for gravel-free 
soils and 103.1 percent for all soils. These densities insure that the angle 
of internal friction of the soil, the compressibility, and the permeability (the 
latter requires additional checking for very gravelly soils) are comparable 
to the values used in design on the basis of laboratory tests. The relative 
positions of the roller curves of total material for the three soils analyzed 
in detail and their laboratory curves indicate, regardless of gravel content, 
that 12 passes of the sheepsfoot roller operating 1- or 2-percent dry of 
laboratory optimum on 6-inch compacted lifts, will avoid appreciable reduc- 
tion in air content which would adversely affect shearing strength. 

In addition to the restriction of placing too dry on the basis of density, the 
possibility of softening or additional compression when a compacted material 
is saturated while under load is carefully considered by the Bureau. Con- 
solidation tests are made to establish the lower moisture limit on major 
structures(24) and percolation-settlement control tests made in the field 
laboratory on all earth dam projects provide continual checks on the lower 
limit during construction. The effectiveness of lower-limit control is indi- 
cated by studies of the performance of completed dams which show that in 
no case has penetration of seepage into impervious zones of Bureau dams 
been accompanied by an important increment of compression.(25) 

The ability of heavy sheepsfoot rollers to add appreciably to the amount 
of mixing obtained by normal earthwork operations is an outstanding charac- 
teristic of this type of equipment. The use of special equipment for thorough 
mixing of soil to obtain maximum homogeneity is usually prohibitive from the 
standpoint of cost on a large earthwork project. Good construction requires, 
however, that the excavation and placement methods obtain as much mixing 
as practicable. Of special importance is the problem of uniformity of mois- 
ture content when water is added on the spread lift. Because of the mixing 
action of the feet and the appreciable number of passes used, compaction by 
the sheepsfoot roller contributes significantly to uniformity of soil and of 
moisture, hence, to homogeneity of the fill. The inability of a heavy tamping 
roller to walk out completely is a built-in safety feature of such rollers. Al- 
though good construction practice requires that hard, smooth surfaces left 
by travel of rubber-tired hauling equipment should be reworked before the 
succeeding loose lift is placed, it should be recognized that penetration by the 
feet of heavy tamping rollers will diminish the hazard of such surfaces re- 
maining in the fill. 


Walkout 


Its ability to walk out has been taken as a measure of the efficiency of a 
roller, and tests made to determine the proper size of feet to accomplish 
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this have been reported.(26) The available data on Bureau earth dams show 
(Table 1) that the rollers walked out only partially, or not at all, on a majori- 
ty of the dams where this information was reported. In these qualitative data, 
there is no apparent correlation of walkout with field penetration resistance, 
placement moisture, resulting density, or soil type; notwithstanding the fact 
that, with few exceptions, the foot area of all the rollers used was 7.07 square 
inches and the nominal unit pressures were within the range of 450 to 600 psi. 
However, because of the use by different roller manufacturers of different 
numbers of feet per row and rows per drum for the same weight and total 
area of feet, the indeterminate actual unit pressures may be quite different 
from the nominal unit pressures (total weight divided by area of one row of 
feet) which may partially account for the lack of correlation. 

The fact that walkout alone is not a measure of compaction efficiency is 
obvious, since a very light roller will walk out of each layer but leave the 
embankment as a whole in a less dense state than will a heavy roller which 
does not walk out at all. The idea of using heavy rollers but varying the size 
of feet so that the roller walks out must be seriously considered, however, in 
the light of compactive results and economy. The advantages of walking out 
are twofold: (1) the heavy roller can be pulled more easily, and (2) more ef- 
fective construction control can be maintained since the field density tests 
can be made closer to the surface of the fill. These advantages must be 
weighed against the following: (1) there is no evidence that walking out will 
increase the overall density of the fill, (2) determination of the proper weight 
of roller and area of feet for each type of soil and moisture condition is 
likely to be time-consuming, and (3) rollers with different sets of replaceable 
feet will be costly. Bureau experience with the heavy tamping roller indi- 
cates that for the control concepts used, adequate compaction can be obtained 
in a variety of soils whether the rollers walk out or not. 


CONCLUSIONS 


The heavy tamping roller used slightly dry of Bureau standard laboratory 
optimum water content has succeeded in compacting a large variety of soils 
to satisfactory densities and air contents without appreciable variation in 
thickness of lift or in number of passes. Bureau experience indicates that 
design criteria based on results of laboratory tests have been essentially 
fulfilled or exceeded in the field. The mixing action of the roller and the 
resulting absence of stratification in the fill make this type of compaction 
equipment highly desirable for use on water conservation dams. 

From the construction standpoint, the Bureau’s use of fairly dry material 
facilitates the travel of equipment over the fill. However, the heavy sheeps- 
foot roller with high unit pressures does not often walk out, hence, it is dif- 
ficult to pull. The advantages of walking out may, in special cases, indicate 
the desirability of providing rollers with demountable feet of various sizes, 
but for the large majority of soils, the additional engineering and equipment 
costs required do not appear to be justified. 
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AN ESTIMATION OF THE POINT RESISTANCE OF A PILE 


Yoshichika Nishida] 
(Proc. Paper 1206) 


SUMMARY 


This paper presents a new method for computing approximately the bear- 
ing capacity of a foundation pile by its point resistance in cohesionless soil. 
Although it is not rigorous from the mathematical point of view, the method 
seems to give a good estimation on the bearing capacity of a pile after com- 
paring with practical examples. 


INTRODUCTION 


There are many formulas(1) for estimating the bearing capacity of a 
foundation pile. Most of them do not pay any consideration to the stress 
distributions in the ground and also do not appear to have any justification 
from the physical or mathematical point of view; especially they are estab- 
lished with no relationship between the skin friction term and the point re- 
sistance term, whereas those two terms must not be independent of each 
other.(2) The author showed already how to compute the skin friction of a 
foundation pile in a cohesionless soil.(3) The present paper shows how to 
compute the point-resistance after relating it to the skin-friction. The 
method is based on the theory of elasticity, since there is no other proper 
method of approach,(4) by considerations of the equilibrium between the 
stresses in the ground induced by a pile and the total sum of the skin friction 
and the point resistance of the pile. 


Stress in the Soil Around a Pile 


The author uses cylindrical coordinates (r, t, & z) which denote the pile 
axis in the vertical direction as the z-axis and the center of pile section on 
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the ground surface as the origin of the coordinates. (See Fig.-1) 
The following conditions are assumed when a load is applied on a pile. 


i) There is no vertical normal pressure and no shearing stress acting on 
the ground surface. 

ii) The pile is rigid when compared with the soil, which is assumed to be 
elastic. 

iii) The vertical pressure in the natural ground with no pile is proportion- 
al to the depth below the surface. 

iv) Coulomb’s Law between the skin friction and the horizontal earth pres- 
sure on the lateral face of the pile is valid at the point of the maximum 
shearing stress there. 

v) The soil is in a state of rupture at the pile tip. 


Then it can be shown, when a pile is driven into ground of semi-infinitive 
mass under the action of gravity forces, that the stresses in the soil are ex- 
pressed as follows:(5) 


( - Sin RZ) 
(2) 


Normal pressure of vertical direction in the soil 
Shearing stress in the soil 
Pile length 
Pile radius 
Poisson’s ratio of the soil 
: Weight of the soil in unit volume 
Coefficient of friction between soil and pile 
Ky (kr) : Modefied Bessel function of the second kind of order zero 
K, (kr) : Modefied Bessel function of the second kind of order one. 
The skin friction of a pile is given by putting r = a in eq. (2) and its dis- 
tribution agrees qualitatively with experimental results measured using SR-4 
strain gages.(6) 
Idea to Estimate the Point Resistance 


After putting eqs. (1) and (2) into the equilibrium equation it follows that 
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(ant)* K M~2 (m=2Km=1) 
(3) 
= A 
This does not fulfill the condition of strict equilibrium except at points z = 0 i j 
and r =~ etc., because AZ* 0 in general. The author assumed that the above af 
unequilibrium could be compensated by the stress components (4 0, and AT’) ow 
induced by a point force P which seemed to be acting at a point somewhere in 
; the ground.(7) Accordingly it is necessary to determine such a point force P 
J that stress components (Ao, , A T’) fulfill the following equation in order that 
: the stresses shall be strictly in equilibrium. a 
DAT AT (4) + 
\ Since it is too difficult to do this, the author proposes the following ap- : ®. 
3 proximate calculations because AZ in eq. (3) is caused by A’, of the second ae 
gE term of eq. (1) and T of eq. (2). Therefore if it is assumed that + 
= A6z and AaT’=T (5) 
rs then P will become the required force. u. 
i Now the author assumes approximately to use the only condition of a 


A on = Mo, in eq. (5) in order to simplify the treatment of this problem. 

As the state of stress is symmetrical above the plane of z = { because 
T= 0 for z = @ in eq, (2), as easily seen, the lower part of the ground below 
z= can be replaced by ground under the action of gravity forces in the 
opposite direction. Therefore the author can assume approximately that the 
change of stress 40, in eq. (1), that is Aog in eq. (5), is induced by two 
forces acting in opposite directions on the pile axis as shown in Fig.-1. And 
he assumes that one of them gives the force corresponding to the point re- 
sistance of a pile. 


Stress Induced by a Point Force in Solid 


The author uses the relationships given by R. D. Mindlin,(8) between a 
force acting at a point in a semi-infinite solid and the stresses induced by it 
as follows: (See Fig.-2) 


Abs = PX 
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(7) 


R3 
3 


where P: A force acting at a point in a solid 


Aoz: Vertical normal pressure induced by P 


As the term Ao; of eq. (5) is induced by two symmetrical forces of value P 
as mentioned above already, the author assumes approximately(9) that the 
half of Ad, of eq. (1) is equal to A GJ of eq. (6) at the point r = a and z = ¢. 
Then it follows that: 


z=2 


where | Ag,/2\y=a and |1/X|y=a are obtainable after putting r = 2a and z = ¢ 
a=( a=( 
in eqs. (1) and (7). 

As the state of stress in the neighbourhood of the point force P in the in- 
terior of a semi-infinite solid seems to be same as that in an indefinitely ex- 
tended solid under a force P acting at the point, the point force P acts ata 
point through which the z-plane, normal to the direction of the force, has no 
change of normal stress after being acted on by the force.(10) This condition 
gives the position (, of the point of application of the supposed force P as fol- 
lows: 


A 1 Kotha) 
_= m=2 7? (2nti)* K, K ka Sink L, = 


| 


Thus the bearing capacity of a pile is approximately obtainable by com- 
puting eqs. (2) and (8). 


(9) 


A Numerical Example 


The lateral earth pressure at rest in the natural ground is expressed as 
¥z/ (m - 1) according to eq. (1). The author assumes that the coefficient of 
lateral earth pressure at rest is 0.4 from average of test results(11) be- 
tween 0.35 and 0.45 for sands. Then, 
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1/ (m - 1) = 0.4 m = 3.5 


And he also assumes that: 
Y¥=1.6 ton/m3, w= 0.473, (=10m, a=0.1m 
According to eq. (9) (5 = 0.69 =6.9m 
According to eq. (1) Ady = 1.07 ton/m2 at r = aandz =f 
According to eq. (7) 1/x = 46.6 m2 atr=aandz=¢ 
Then the point resistance of the pile is given by eq. (8) as follows: 


P = 1/2 x 1.07 x 46.6 = 25.0 ton 


And the skin friction of the pile is, by integrating of eq. (2), given as follows: 
dz = 49 ton 
= 


Therefore the total bearing capacity of this pile is 
P+T = 250 + 47 = 30 ton 


In this example the skin friction component contribuies only 16% of the 
total bearing capacity and it seems to be too small. However the result of 
this example agrees with such an opinion by A. W. Skempton(12) that the skin 
friction term in the total bearing capacity does not exceed over 10 ~ 20% in 
sands according to many practical tests. As this author’s estimation is 
based on the theory of elasticity and on the assumption that the maximum 
frictional resistance is developed at only one point on the lateral face of a 
pile, the bearing capacity calculated by the author’s method seems to give 
the limit of the straight line part of the load-settlement curve in the loading 
test of a pile. In cases where the larger part of the bearing capacity of a 
pile is developed by point resistance, the load corresponding to the limit of 
the straight line part of the load-settlement curve is about 40 ~ 60% of the 
ultimate bearing capacity.(13) Thus the ultimate bearing capacity of the pile 
in this example would be 


30 +(40 ~ 60) % = 75 ~ 50 ton 


The results of computations for a practical example(14) are as follows: 


(=8m, 2a = 50 cm, Y = 1.2 ton/m3 
¢ = 30°, m = 4, tan @ = 0.577 
Therefore, 


(o = 0.55 m, Ad, = 1.24t/m2, 1/X = 30.6 m2 
P = 1/2 x 1.24 x 30.6 = 19 ton; T = 6.0 ton; 
P + T = 25 ton 


Accordingly the ultimate bearing capacity of this pile is 


25+ (40 ~ 60) % = 62 ~ 42 ton 
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On the other hand the practical load test gave the ultimate bearing capacity 
as 54 ton. 

Fig.-3 and Fig.-4 show a comparison between results obtained by several 
methods for computing the bearing capacity of a pile in a cohesionless soil 
under the same conditions, where the author’s one shows the load corres- 
ponding to the limit of straight line part of the load-settlement curve. 


CONCLUSION 


Most reports on calculations of the bearing capacity of a pile are based 
on dynamic driving of piles and a few are based on statics. Although it has 
been said that the scientific static formula should not be used in any case 
and is worthless without exception, (15), the author believes that the static 
formula, in spite of having some unconformities with practice, has a more 
rational and fundamental basis than the dynamic formula. Therefore there is 
no reason for hesitating to use the static methods of calculation. Of course 
it is desirable to make field observations and measurements for not only the 
settlement due to the load but also the pressure transfered to the surround- 
ing soil.(16) This study provides formulas for computing the bearing capacity 
of a pile and also the state of stresses induced by the pile in the soil, based 
on the assumption that the safety limit of the bearing capacity of a foundation 
pile will be attained when Coulomb’s law of friction, between the skin friction 
and the lateral pressure, develops at one point on the lateral face of the pile. 
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Journal of the 
SOIL MECHANICS AND FOUNDATIONS DIVISION 


Proceedings of the American Society of Civil Engineers 


USE OF MATERIALS FROM STRUCTURAL EXCAVATIONS # 


by Jack W. Hilf,* M. ASCE 
(Proc. Paper 1207) 


SYNOPSIS 


The design of a rolled earth dam may be influenced significantly by 
materials available from excavations for appurtenant spillways, outlet works, 
and powerplants. The magnitudes of these excavations for 32 major dams 
designed by the Bureau of Reclamation are listed together with 3 examples 
of their influence on embankment design. 


INTRODUCTION 


Large quantities of soil and rock of every description may be excavated 
for the foundation of the embankment, for the spillway, for the outlet works, 
and for other structures appurtenant to an earth dam. When the yardage 
from these sources constitutes an appreciable portion of the total embank- 
ment quantity, it may strongly influence the design of the dam. Although 
these materials frequently are less desirable than soil from available 

borrow areas, economy demands that they be employed to the maximum 
practicable extent. 

Use of structural excavations as sources for fill material is part of the 
larger problem of selection of soils for dam embankments. An inventory of 
all appreciable quantities of natural soil or rock within 1 or 2 miles from 
the dam site usually determines the type of embankment cross section. In 
exceptional cases greater hauling distances may be warranted. For example, 
the safety of the structure may require obtaining large quantities of mate- 
rials of higher strength or greater permeability than are locally available. 
Or it may be more economical to transport one type of fill material than to 
Note: Discussion open until September 1, 1957. Paper 1207 is part of the copyrighted 

Journal of the Soil Mechanics and Foundations Division of the American Society of 

Civil Engine ers, Vol. 83, No. SM 2, April, 1957. 

a. Paper presented at the Annual Meeting, ASCE, New York, N. Y., October, 


1954. 
*Civ. Engr., Bureau of Reclamation, U.S. Dept. of the Interior, Denver, Colo. 
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excavate another, such as hauling sand and gravel several miles rather than 
blasting nearby rock. The choice among potential sources of embankment 
materials depends on the permeability, shearing strength, compressibility, 
and workability of the soil or rock, and on the cost. Available borrow areas 
and structural excavations must be considered together in arriving at a 
suitable design. 


Magnitude of Excavations 


The amount of excavation for dam foundations, spillways, outlet works, 
powerplants, roadways, and canals has varied from less than 1 percent to 
over 100 percent of the total material needed to construct the embankments 
on Bureau of Reclamation dams. Table 1 is a summary of yardages for 
major earth dams designed between 1946 and 1953. Ninety percent of the 
total structural excavation quantity was about equally divided between spill- 
ways and dam foundations. 

Some of the offstream reservoir dams, such as Jackson Gulch Dam and 
the Carter Lake Dams did not require spillways since inflow was adequately 
controlled. However, the majority of dams have spillways varying in 
Capacity up to 456,000 cfs for the Falcon Dam on the Rio Grande (designed 
for the International Boundary and Water Commission, United States and 
Mexico), which required 4,756,000 cubic yards of excavation, or 34 percent 
of the total quantity required to build the embankment. At Trenton Dam on 
the Republican River, Nebraska, the excavation for the spillway was 
4,600,000 cubic yards, or about one-half the embankment quantity. The 
spillway capacity was 133,000 cfs. Large volumes of dam foundation excava- 
tion can be attributed to the necessity for deep cutoff trenches through 
pervious river valley alluvium. This type of foundation treatment is 
characteristic of storage for irrigation, power, and municipal water supply, 
where loss of water would be costly. Deep cutoff trenches are usually not 
needed on dams built primarily for flood control. 

The portion of the cutoff trench excavation above ground water table may 
provide limited amounts of impervious material for the water barrier sec- 
tion of the dam. In the dewatered portion of the trench appreciable quanti- 
ties of sand and gravel are usually obtained from the strata that are being 
intercepted. When sand and gravel occur in thick clean beds, they can be 
salvaged for use in the outer sections of the dam; however, pockets or lenses 
of silt and clay, and highly organic soil are often found. In normal excavation 
operations the latter materials contaminate the clean soils, resulting in wet 
mixtures of variable permeability and poor workability. Such mixtures will 
usually be wasted unless specific provisions are made for their use. Careful 
investigation of the foundation along the alinement of the proposed cutoff 
trench will aid the designer in visualizing the condition of the excavated 
materials and in devising ways to use them. 

Excavations for the spillway usually provide both overburden soils and 
formation bedrock. Explorations to determine the rock profile and character 
are made in order to fix the exact location of the spillway. These borings 
should include descriptions and samples of the soil above bedrock, since 
maximum use can be made of the soils only if their properties are known 
equally as well as are the properties of the borrow soils. In planning the 
use of materials from spillway excavations, the engineer must recognize 
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that moisture control, processing, and special size requirements will add 
appreciably to the cost. Also, these control methods may be feasible in 
earth-fill borrow areas and in rock sources where time is available, but 
their tendency to delay the job makes them less applicable to structure 
excavations. For these reasons, material from spillway excavations has 
been used only to a limited extent in the main structural zones of dam em- 
bankments and in recent designs this material has been used in miscellane- 
ous or random fill zones. 


Sequence of Operations 


The sequence of construction operations may affect the feasibility of using 
large amounts of materials from structural excavations. Topography at the 
dam site, hydrology of the watershed, climate, and the magnitude of the work 
are among the factors that determine the construction time schedule. This 
schedule may require that excavation for appurtenant structures be in 
progress before there is space available for the materials in the embank- 
ment. Large-scale embankment placing must await completion of the founca- 
tion treatment; hence a year’s delay in fill operations due to construction of 
a deep cutoff trench is not uncommon on Bureau dams. The construction of 
a large spillway must usually be started early to avoid delaying completion 
of the project. In order to use material from spillway excavation in the em- 
bankments without having to stockpile and later rehandle large quantities of 
earth and rock, adequate placing area must be available. Placing area is 
usually restricted early in the job; hence, the designer is faced with the 
choice of specifying that spillway excavation be delayed until space is 
available for it, of requiring extensive stockpiling, or of permitting large 
quantities of material to be wasted. Experienced judgement is needed to 
determine which choice will be most economical. In several recent 
instances, separate contracts for foundation construction have been let by 
the Bureau of Reclamation in advance of the major construction contract. 
To some extent separate contracts alleviate the timing problem in use 
of materials from structural excavation, but the overall cost may be 
increased by having more than one large contract for construction of a dam. 
The amount of embankment space that can be provided during the early 
stages of construction depends in part on the diversion requirements for the 
particular dam site. In narrow canyons, the river must be diverted from 
the working area through a tunnel or conduit prior to excavating the founda- 
tion. Where the valley is wide, a portion of the foundation treatment can be 
completed prior to diversion. The scheme of leaving a gap in the embank- 
ment through which the river can flow prior to closure has frequently been 
used in wide valleys to reduce the cost of diversion. In these instances, the 
major portion of the embankment is built without delay. In order to avoid 
imposing a construction method on the contractor, normally no specific 
scheme for diversion is dictated by the Bureau. Rather, the specifications 
provide for considerable flexibility in the contractor’s diversion plan. Al- 
though this procedure is economically sound, it does add to the designer’s 
uncertainty in planning use of materials from structural excavation. 


Zoning 


The objective in the design of an earth dam embankment is to determine a 
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cross section that will safely and economically fulfill the required function. 
Because of the complexity and variability of soil properties, an earth struc- 
ture is not susceptible to exact mathematical analysis. Rather, the design is 
based on experience records of successful structures combined with applica- 
tion of the principles of soil mechanics. 

The height of the dam is usually determined from economic studies in 
connection with storage requirements and spillway design. The designer of 
the embankment studies the foundation of the dam and the available natural 
materials using geological data, reports of exploration, and field and labora- 
tory tests. He then conceives a trial cross section which reflects his knowl- 
edge and experience. This section is checked by stability analyses for vari- 
ous conditions. The Swedish slip-circle method is the one most frequently 
used by the Bureau. For strength of impervious materials, Mohr envelopes 
on an effective stress basis are obtained from undrained triaxial shear tests 
in which pore pressures are measured. The dam is designed to be safe dur- 
ing construction, during rapid drawdown, and during extended periods of full 
reservoir. Pore pressures are estimated for the construction condition by 
a method that uses results of confined compression tests,** and records of 
piezometer readings on existing dams and sketched flow nets provide the 
pore pressures for the drawdown and for the steady-state conditions. 

The strength and permeability of the foundation, as disclosed by borings 
and tests, influence the type of subsurface treatment used in the design. 
Foundation conditions also affect the outer slopes and the internal zoning of 
the dam embankment. Structurally weak foundations require flat embank- 
ment slopes. A pervious foundation that cannot economically be provided 
with a positive cutoff may require an impervious upstream blanket con- 
tiguous with the water barrier zone. The embankment should be sufficiently 
water-tight to perform its project function. It must be stable and must hold 
its shape. The design provides for safety against damage by erosion of the 
embankment surfaces by wind and waves as well as safety from internal 
erosion (piping). 

The integration of soil and rock from structural excavations into the de- 
sign is a complicated process especially when large volumes of different 
types of materials are to be used on a project where foundation treatment 
and river diversion are major problems. The use of materials distribution 
diagrams, such as Figures 2, 4, and 6 has been found helpful to the designer. 
In addition to showing the sources of all fill materials, the chart contains the 
assumptions used for shrinkage, swell, and yield on which specifications 
quantities are based. Such information is valuable also to the construction 
forces. 

Wherever more than one type of material is available the zoned dam, in 
which a compacted impervious core acts as a water barrier, is preferred 
over a homogeneous type in which virtually the entire embankment is built of 
impervious soil. Because of the requirements for moisture control and 
selective excavation, it has been found desirable to obtain most of the soil 
needed for the impervious zone from borrow areas rather than from struc- 
tural excavation. An exception occurs when dry, impervious material is 


**Hilf, J. W., “Estimating Construction Pore Pressures in Rolled Earth 
Dams, Proceedings Second International Conference on Soil Mechanics and 
Foundation Engineering, Rotterdam, 1948 Vol III, p. 234. 
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processed through a plant to remove oversized rock. In that case, water is 
usually added at the plant; hence, one of the deterrents to the use of struc- 
tural excavation soil in the impervious zone is removed. This was the case 
at Cachuma Dam in California where material from spillway excavation was 
screened, moistened, and used in Zone 1. Also, it may be feasible to irrigate 
the foundation of the embankment prior to excavating a cutoff trench. This 
was done at Falcon Dam where the silt overlying sand and gravel was 
moistened and used in the impervious zone of the dam. 

In addition to the impervious core of the dam, many designs include pervi- 
ous material for the outer zones of the dam. Excavations for foundation cut- 
off trenches and spillway stilling basins can usually provide large quantities 
of clean sand and gravel suitable for this purpose. For these soils moisture 
control is not critical, and a wet placement condition is preferred. 

Where there is a great difference in grain size between the core and the 
shell material, a transition zone is required to prevent internal erosion. 
Rock fines obtained from structural excavation are suitable for this purpose. 
At Rattlesnake Dam, Colorado, the entire upstream transition zone between 
a fine-grained impervious core and a rockfill was composed of tunnel muck 
(rock fines) from the reservoir inlet tunnel. 

An important use of materials from structural excavation has been in 
portions of the embankment where the permeability was not critical and 
where weight and bulk were the major requirements. Suitable locations for 
these miscellaneous fills are the flattened toes of dams on weak foundations 
where high shearing strength of the fill is not required. Within the embank- 
ment proper, a material of adequate strength but of doubtful perviousness 
can be used within the shell, provided that adequate drainage of the dam is 
assured. Thick layers of inferior rock from structural excavation can some- 
times be used to substitute for a thin layer of expensive riprap on the slopes 
of the dam. 

In addition to the assumptions made in connection with stability analyses, 
the designer’s estimates of yield of suitable materials from structural excava- 
tions, and of shrinkage and swell factors are subject to error. The effects of 
such inaccuracies are magnified when large quantities of material are proc- 
essed through a screening plant. Provisions for varying the boundary lines 
between interior zones of earth dams in order to accommodate actual yields 
of material are usually included in the specifications. However, major 
changes in zoning are made only after detailed study of field conditions and 
design implications. 


Examples 


Cachuma Dam 


This earth-fill dam is located on the Santa Ynez River 25 miles northwest 
of Santa Barbara, California. The 6,600,000 cubic-yard embankment is about 
3,000 feet long at the crest and rises 275 feet above the lowest point of its 
fc ndation. Cachuma Reservoir has a total capacity of 210,000 acre-feet to 
provide critically needed additional water for the City of Santa Barbara and 
suburbs, to supplement existing irrigation, and to expand irrigation acreage. 
A gated open channel spillway 224 feet wide on the left abutment can dis- 
charge 170,000 cfs. An outlet works tunnel 7 feet in diameter through the 
left abutment has a capacity of 250 cfs at reservoir elevation 660. Figure 1 
is the maximum section for Cachuma Dam. 
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| i! Bedrock at the dam is the middle Miocene Monterey formation which in- 
ae j cludes thinly bedded, siliceous, diatomaceous, foraminiferous, and tuffaceous 
ae A shales and minor calcareous beds that are similar in appearance and often 


44 grade into one another. Overlying the formation in many places in the area 
are unconsolidated terraces, fans, and recent flood plain deposits. The main 
source of impervious material for the embankment was a borrow area located 
1 mile upstream from the dam. The material was a terrace deposit of silt, 
lean clay, and silty sand overlying river sand, gravel, and cobbles. However, 
some slope wash of Monterey formation fragments and irregularities in 
depths to gravel made the deposit variable in percentage of coarse particles. 
The material was excavated by shovels in a 20-foot cut, which included some 
of the gravel, and was processed through a separation plant which removed 
co particles larger than 3 inches. The main source of pervious materials was 
the river bottom area 500 to 1,500 feet wide extending 1 mile upstream from 
the dam. The material was a fairly clean sandy gravel containing cobbles up 
HB to about 6 inches in size. 
Excavation for the spillway included about 1,400,000 cubic yards of al- 
luvial fan material overlying the Monterey formation, and 850,000 cubic yards 
of the latter. Explorations in the fan indicated that it consisted of gravel- 
a sand mixtures with varying amounts of silt and clay binder, silty sand, and 
PAL some lean clay. About 20 percent of the material was sandstone cobbles and 
boulders. Two types of material were obtained from spillway overburden: 
| the fairly clean sands, gravels, and cobbles which were used directly in the 


pervious zones of the dam; and the dirty sands, gravels and cobbles which 
were processed through the separation plant. The minus 3-inch soil was 

“He used in the core and the oversized material from the separation plant was 

to used in the pervious zones of the dam. 

" i Preliminary designs did not contemplate use of the Monterey formation 
Ha material from the spillway excavation, because geological descriptions of its 
|e characteristics were unfavorable. However, prior to final design, a test sec- 
ae tion was constructed to determine whether this material could be used in the 

4 dam. The test section was about 25 feet wide, 100 feet long, and 3 feet high. 

The material was obtained from the exposed formation by bulldozer excava- 

tion in an old highway cut in the vicinity of the spillway. The soft rock was 

4 transported and spread by bulldozer and compacted to 4-inch layers by 12 

t passes of a light sheepsfoot roller (2,125 pounds per foot of drum width). The 

4 material consisted of a partially laminated, fine-grained, soft siltstone which 
was light in weight and virtually saturated with about 33 percent water con- 
tog tent. The average in-place properties of the formation were: 


Wet unit weight 112.5 lbs/ft3 
Water content 33 percent 
Dry unit weight 85 Ibs /ft3 
ae Specific gravity of grains 2.48 
en Void ratio 0.82 
Bt Liquid limit 40 to 50 percent 
I r Plasticity index 8 to 12 percent 


After compaction with the light roller, the average dry unit weight was 

72 lbs/ft3 and the void ratio was 1.14 which corresponds to a swell of 18 
percent. The test section indicated that the rock fragments would be broken 
down readily by the heavy tamping rollers specified for Bureau of Reclama- 
tion earth dams. It was determined also that the natural water content was 
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satisfactory for compaction. Triaxial shear tests on the formation material 
verified the test section observations that a stable fill could be constructed 
of this material. The results of the tests on an effective stress basis were: 
Cohesion = 12.0 psi, tan @ = 0.76 after crushing a natural block of siltstone 
to gravel sizes containing about 7 percent of fines. 

As a result of the investigation into the character and stability of this 
material, it was decided to use the Monterey formation in Zone 3 in the 
downstream portion of the dam. This zone was completely surrounded by 
pervious sand, gravel, and cobbles (Zone 2), because of the possibility that 
heavy compaction would break down the siltstone fragments into fine-grained 
particles which would result in an impervious fill. In this way, about 
700,000 cubic yards of formation material were used. Figure 2 shows the 
materials distribution chart for Cachuma Dam. 


Kirwin Dam 


This earth-fill dam is located immediately west of Kirwin, Phillips 
County, Kansas, on the North Fork of the Solomon River. The embankment 
rises 170 feet above lowest foundation and is 12,600 feet long at crest eleva- 
tion. It contains 9,700,000 cubic yards of material. Kirwin Reservoir has a 
total storage capacity of 315,000 acre-feet and will regulate the river flow to 
provide for irrigation and for flood control. An ungated concrete spillway 
with gravity crest structure and 400-foot wide chute on the right abutment 
has a maximum capacity of 96,000 cfs. An outlet conduit located near the 
center of the dam contains a 60-inch diameter steel pipe for river and canal 
discharges. Figure 3 shows the maximum section for completion of Kirwin 
Dam. A separate contract for construction of the dam’s foundation was 
completed in 1953. 

The North Fork of the Solomon River flows across Quaternary alluvium 
and loess deposits overlying the nearly horizontal Niobrara chalk of 
Cretaceous age which, in turn, overlies the Cretaceous Carlile shale. The 
alluvial material consists of fine sands, silts, clays, and chalky fragments 
of pea-sized gravel. The loess is a low density clayey silt. The Niobrara 
formation which is exposed in numerous outcrops in the area of the dam site 
is a massive chalky limestone interbedded with calcareous shales. The lime- 
stone is porous and of low specific gravity. Both abutments of the dam are 
composed of loess overlying Niobrara chalk. The depth of loess varies up 
to 55 feet on the right abutment and up to 38 feet on the left abutment. A 
layer of loose coarse sand directly overlies Carlile shale under the river 
section of the dam. 

Detailed exploration of the spillway area showed that below the loess 
overburden, the upper 10 to 30 feet of Niobrara formation was quite plastic, 
as distinguished from the underlying firm chalk rock. In order to decide how 
deep to found the spillway structure, laboratory tests were made on undis- 
turbed samples of the “plastic chalk” to determine shearing strength, com- 
pressibility, sliding factor, expansion, and permeability characteristics. Un- 
confined compression, sliding factor, and slaking tests were performed on 
undisturbed samples of the firm chalk rock. From the results of these tests 
and on the basis of design considerations, it was decided to found the spillway 
on the underlying harder chalk. 

The possibility of utilizing the “plastic chalk” in the embankment was in- 
vestigated by conducting a series of tests to determine the properties of this 
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material in the remolded state. Two composite samples, selected to repre- 
sent the range of plastic chalk material, were tested. The results were: 


Sample No. 1 Sample No. 2 


Visual classification Fat clay (CH) Lean clay (CL) 
Liquid limit 56% 42% 

Plasticity index 30% 16% 

Dry unit weight ) Bureau standard 89.9 lbs/ft3 95.0 lbs/ft3 
Optimum water content) compaction 30.5% 26.0% 
Coefficient of permeability 0.01 ft/yr 0.1 ft/yr 


(under 160 psi load ) 


Unconfined compressive strength 5.8 psi 7.6 psi 
saturated 

Compression at 160 psi effective 10.2% 6.9% 
stress 

Expansion on saturation (unrestrained) 0.7% Not tested 


The spillway excavation totaled 1,600,000 cubic yards of which 331,000 
cubic yards were plastic chalk and 644,000 cubic yards were firm chalk. 

The impervious materials available for building Kirwin Dam were un- 
limited quantities of loess on both abutments and lean clay, silt, and sand in 
the flood plain. Pervious materials were available in limited quantities in the 
river bottom and under a heavy silt and clay cover in the flood plain. Chalk 
cliffs along tributary streams in the area were sources of firm chalk. The 
only local rock suitable for riprap on the upstream face of the dam was the 
opaline sandstone of the Ogallala formation locally known as “Quartzite” 
which is found along ridges in northwestern Kansas and southwestern 
Nebraska. The closest outcrops of appreciable yardage were about 10 to 15 
miles from the dam site. This rock is of variable quality and usually involves 
costly removal of considerable quantities of overlying soils. Good quality 
rock from the Rocky Mountains would have required a rail haul of about 360 
miles. 

The problems of slope protection and drainage of the downstream toe of 
the dam were solved by using structural excavation as shown by the materials 
distribution chart for the completion contract, Figure 4. Previous experience 
had indicated that the firm chalk would provide adequate protection for the 
downstream slope. Its use in lieu of riprap on a portion of the upstream 
slope of a major dam had not been previously attempted. It is believed that 
the 12-foot-thick layer of firm chalk on an 8 to 1 slope proves to be satis- 
factory for reservoir elevation below the top of the normal conservation pool. 
The plastic chalk was used in Zone 3 to provide the flat slope needed for the 


inferior riprap. 


Palisades Dam 


This dam (under construction 1956) is located on the South Fork of the 
Snake River in Bonneville County, about 7.5 miles southeast of Irwin, Idaho. 
It is a multipurpose structure to be used for irrigation, power, flood protec- 
tion, conservation of fish and wildlife, and for providing recreational areas. 
Palisades Dam will be 2,000 feet long at the crest which is about 300 feet 
above lowest foundation. It will contain 13,742,000 cubic yards of fill, and 
will impound a reservoir of 1,417,600 acre-feet at the maximum water 
surface. Figure 5 shows the maximum section for Palisades Dam. 
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The reservoir basin lies in a deep erosional valley in a region of disturbed 
sedimentary and igneous rocks of various ages. The left abutment of the dam 
is a large sheet-like mass of jointed andesite underlain by a series of com- 
pacted strata of clayey silts, sands, and gravels which dip about 30° toward 
the dam. This series continues in the valley floor and on the right abutment, 
dipping toward that abutment at angles varying from 10° to 45°. A portion of 
this formation near the left abutment was apparently lithified by the intrusion 
of the andesite sill, whereas other portions consist of compacted, non- 
cemented particles. Talus, slope wash, landslide debris, and some wind- 
blown soil overlie a sedimentary formation on the right abutment. Horizontal 
strata of silt, sand, and gravel of recent origin constitute the overburden on 
the valley floor. 

An initial contract was let for open-cut and tunnel excavation through the 
left abutment for the power tunnel and for the outlet tunnel. About 120,000 
cubic yards of rockfill were stockpiled for use in the dam. In the main 
contract, about 2,900,000 cubic yards have been excavated for the foundation 
of the dam, including two cutoff trenches, and for a third tunnel in the left 
abutment to be used as a spillway. Both common and rock materials are to 
be excavated and some of the former type contain cobbles and boulders which 
require separation. 

Extensive explorations for construction materials resulted in the selection 
of four borrow areas, all within 2 miles from the dam site. Area K, located 
1 mile upstream, is an outwash deposit consisting of a clayey silt overlying a 
mixture of silt, sand, gravel, cobbles, and boulders. The fine-grained soil 
varies in thickness from 10 to 35 feet. This area was expected to be un- 
desirably wet during portions of the working season. Area L is located on a 
steep slope on the right side of the river immediately adjacent to and up- 
stream from the right abutment of the dam. The lower portion of this area 
consists of a terrace deposit of river gravels, cobbles, and boulders under- 
lying a shallow layer of silt. The upper portion of this area consists of 
slope-wash debris composed of clayey silt, small angular rock fragments 
1/4 inch to 5 inches in size, and occasional rock blocks 6 inches to 5 feet in 
size. Moisture conditions are variable in this area. 

Borrow Area M is located 3/4 mile downstream from the dam on the left 
side of the river. One portion of this area is an outwash deposit along the 
side of the canyon composed of variable depths of clayey silt overlying a mix- 
ture of clayey silt, sand, gravel, cobbles, and boulders. The remaining por- 
tion of the area includes a terrace deposit of clean sand and gravel overlain 
by outwash deposits from two tributary streams. The outwash material 
consists of a layer of silty topsoil of variable depth overlying a layer of 
silty gravel. The soil in this area is generally wetter than optimum. Area N 
is an outwash deposit located on the right side of the river about 2 miles 
downstream from the dam axis. The material consists of several types of 
soil. A layer of clayey silt, ranging in depth from 0 to 35 feet, overlies a 
coarser material composed of a mixture of sand, gravel, and clayey silt in 
portions of the area. In other locations the top layer of fine-grained soil 
covers a stratum of sand and gravel which in turn is underlain by clayey silt. 
The soil in this area is expected to be generally dryer than the optimum 
moisture content. 

Several zoning schemes using different combinations of materials from 
structural excavation and from borrow areas were considered. Since more 
than a million cubic yards of material to be excavated for the foundations of 
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the dam and for the spillway contained cobbles and boulders, and since 
several of the borrow areas also contained oversize, the need for processing 
materials through a separation plant was apparent. Economy demanded that 
the amount of rock borrowed for riprap and rockfill should be small. 
Investigation of the rock to be excavated for the spillway indicated that it was 
feasible to obtain the 238,000 cubic yards required for 3 feet of riprap on the 
upstream slope of the dam from that source. The remainder of the rock ex- 
cavation could be used in a downstream toe fill. The necessity to separate 
materials resulted in the availability of cobbles and boulders which will be 
used for downstream slope protection of the dam. Careful study of the 
explorations in the borrow areas, including the moisture conditions to- 
gether with the amount, types and probable sequence of structural excava- 
tions, resulted in the specifications design. 

The Zone 1 impervious material composes the central core of the em- 
bankment and provides an upstream impervious blanket. The material is to 
be obtained from Borrow Areas K, L, and N. Cuts in these areas are to be 
regulated to prohibit the inclusion of oversize rock so that separation will 
not be necessary. Transition sections of Zone 2 material (minus 5-inch 
sizes from the separation plant) will flank the core on either side. This 
material will be relatively impervious, although it contains as much as 40 
percent gravel sizes. Both Zones 1 and 2 will be compacted to 6-inch layers 
by heavy tamping rollers. On the outer slopes of the transition zones, both 
upstream and downstream, clean river sand, gravel, and cobbles will form 
Zone 3. This material will be compacted to 12-inch layers by crawler-type 
tractors. The sands and gravels will be obtained from required common 
excavation for structures and from Borrow Area M. The downstream outer 
zone below elevation 5450 will be Zone 4 which will consist primarily of rock 
from structures and tunnel excavations. Above elevation 5450 on the down- 
stream slope, a cobble and boulder blanket of variable thickness is planned 
to utilize most of the oversize from the separation plants. If the yield of 
these materials is greater than the requirement for downstream slope pro- 
tection, provisions are made for their use in Zone 4. Figure 6 shows the 
materials distribution chart for Palisades Dam. 


CONCLUSION 


The design of an earth dam is affected significantly by the amount and the 
character of materials excavated for structures appurtenant to the dam. Al- 
though economy requires that maximum use be made of these excavated 
soils and rock, experience on Bureau of Reclamation dams has shown that 
construction considerations such as sequence of operations and diversion 
requirements may be limiting factors in their use. Special portions of the 
dam may be required to accommodate these materials to insure that design 
criteria are maintained. Cachuma Dam, Kirwin Dam, and Palisades Dam 
serve to illustrate the effect of structural excavations on embankment design 
of major earth dams. 
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Excavations for Major Earth Dams Designed by the 


HILF 


TABLE 1 


Bureau of Reclamation after World War II 


Year 
Designed 


1946 


Dam 


Enders 
Horsetooth 
(4 dams) 
Jackson Gulch 
Long Lake 
O'Sullivan 
South Coulee 
Boysen 
Heart Butte 
Medicine Creek 
Bonny 
Dickinson 
Shadehill 
Cedar Bluff 
North Coulee 
Platoro 
Cachuma 
Carter Lake 
(3 dams) 
Falcon 
Keyhole 
Tiber 
Trenton 
Flatiron 
Glen Anne 
Lauro 
Rattlesnake 
Willow Creek 
Jamestown 
Pactola 
Palisades 
Kirwin 
Webster 
Sly Park 


1947 


1948 


1ghg 


1950 


1951 


1952-53 
1953 


Location 


Nebraska 
Colorado 


Colorado 
Washington 
Washington 
Washington 
Wyoming 
North Dakota 
Nebraska 
Colorado 
North Dakota 
South Dakota 
Kansas 
Washington 
Colorado 
California 
Colorado 


Texas -Mexico 
Wyoming 
Montana 
Nebraska 
Colorado 
California 
California 
Colorado 
Colorado 
North Dakota 
South Dakota 
Idaho 

Kansas 
Kansas 
California 


Embankment 
quantity 
converted 
to 
excavation 
measure 
(thousands 


of cu ya) 


2,124 
11,693 


2,274 
1,601 
10,269 
1,354 
1,774 
1,445 
2,777 
11,033 
384 

4, 303 
10,092 
1,140 


Excavation for 
appurtenant structures 
% of 
(thousands 
of cu yd 


1,240 
1,805 


— 
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930 
667 
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218 
2,232 
1,040 183 
2,959 158 
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Discussion of 
“STABILIZATION OF MATERIALS BY COMPACTION” 


% by Charles R. Foster and W. J. Turnbull 
(Proc. Paper 934) 


CHARLES R. FOSTER, 1! A.M. ASCE, and W. J. TURNBULL, M. ASCE.— 
The writers are pleased with the discussions of the paper. It was not the in- 
tention to present the subject as a ‘solved” matter. It was only our intention 
to show that the effect of compaction on a soil is indeed a complicated matter, 
to present one method of study, and to stimulate additional thought and study. 

Professor Leonards rightfully calls attention to the fact that the patterns 
of CBR, water content, and density shown in the basic paper are typical of 
soils that show little or no swell. Soils that swell appreciably in the presence 
of water have different patterns because of swelling. Professor Leonards 
mentions that the peak CBR occurs at an intermediate degree of compaction. 
The writers suggest that in dealing with swelling soils, first consideration be 
given to the swelling characteristics. The procedures of compacting at a 
range of moisture contents and compactive efforts can be followed and each 
sample tested for swell during the soaking procedure. A study of expansion, 

; molding water content, and molding density should be made to determine the 
: molding water content and density that will result in a tolerable amount of ex- 
. pansion. The CBR value for these conditions must be accepted even if it does 
not represent the peak CBR that can be achieved with the specific soil. The 
design density in these cases may be lower than usually encountered for nor- 
mal subgrades; therefore, in airfield work or in highway. involving heavy 
traffic, it may be necessary to bury the layer deeper than indicated by the 
CBR design in order to prevent compaction by traffic. 
We note Professor Leonards’ comment that the CBR test is not an ade- 
: quate measure of the stability of a clay under repeated loads or when the ad- 
: jacent materials affect the clay. The CBR penetration test can only measure 
the stability that exists at the time the test is made. It cannot, by itself, pre- 
dict the strength that the soil will have when its characteristics are changed 
by repeated loads or by the effect of an adjacent layer (by desiccation, ion 
exchange, etc.). In order to do this, it has to be coupled with other proce- 
dures which adjust the sample to the future condition. In this respect, the 
CBR penetration test is no different from any other test as none can do more 
than measure the strength that exists at the time the test is made. 

As a side issue, the writers do not believe that it is good economy to con- 
struct a highly plastic clay for an earth dam on the dry side of optimum in 
order to achieve a steeper side slope. Ability to accept differential move- 
ments without cracking outweighs, in our opinion, the advantage of steeper 
F slopes many times over. 


1. Engr., Chief, Flexible Pavement Branch, Waterways Experiment Station, § 
Corps of Engrs., U. S. Dept. of the Army, Vicksburg, Miss. = / 

2. Engr., Chief, Soils Div., Waterways Experiment Station, Corps of Engrs., ; rae 
U. S. Dept. of the Army, Vicksburg, Miss. a 
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We can only agree and endorse Mr. Focht’s comments. We are sure that 
the two cases he cites could be expanded manyfold from his files and from 
other files. We concur heartily in his suggestion that moisture control is as 
important as density control. We particularly like the last paragraph with 
its questions of “why” and “what.” 

Mr. Zegarra’s comparison of the percentage of saturation obtained by the 
various compaction methods is interesting. Mr. Zegarra’s comments of the 
trends are generally concurred in but we have the following comments: 


a) Reference comment No. 2. The rubber-tired roller tests at Vicksburg 
were made with the same roller loaded to three weights. The gross weights 
were 64,000, 100,000, and 124,000 lb., and the designations light, medium, 
and heavy should refer to these loadings rather than conventional equipment. 


b) Reference comment No. 3. The maximum unit weights of soil achieved 
with the sheepsfoot rollers at the various number of coverages ranged from 
90 per cent of modified AASHO maximum (six passes with 7-sq.-in. foot) to 
97 per cent of modified AASHO maximum (24 passes with 21-sq.-in. foot). 
These are relatively high densities for cohesive soils and are low only by 
comparison with the values obtained with the rubber-tired rollers. We can- 
not agree that the soil would be compressible and cause large settlements. 

We concur generally with Mr. Zegarra’s first and second conclusion, but 
do not agree with his third conclusion because we believe sheepsfoot rollers 
may be entirely satisfactory for compacting lean clay soils for dams, levees, 
and fills. 

Mr. Hirashima calls attention to problems encountered with an unusual 
soil in Hawaii. The writers have had no experience in such cases and can 
make no pertinent comment, except to compliment Mr. Hisashima for using 
good common sense rather than blindly following a practice which was estab- 
lished for entirely different types of soils. Our general judgment, however, 
leads us to believe that the soil in the fill end-dumped in one 15-ft. lift, as 
referenced by Mr. Hirashima, probably went through a hardening or cement- 
ing process after placement in the fill in order for it to show such a small 
amount of settlement. We appreciate Mr. Hirashima’s adding the phrase 
“unless the same can be attained economically.” In our minds, the phrase 
“of benefit to the design” is synonymous with economics, as the production 
of the most economical design that will get the job done (within acceptable 
maintenance limits) is the engineers’ task. It is better to be specific in this 
case, and Mr. Hirashima’s phrase is a welcome addition. 
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Discussion of 
“THRUST LOADING ON PILES” 


by James F. McNulty 
(Proc. Paper 940) 


JAMES F. MC NULTY,! A.M. ASCE.—The discussions prepared by 
Messrs. Palmer and Hopkins do much to unify the various aspects of the 
paper and to present to the reader a thorough description of the problem and 
methods of solution. The discussers approach the problem from different 
points of view; Mr. Palmer proposes a mathematical solution, involving dif- 
ference equations, to the fourth order differential equation for a loaded bar 
while Mr. Hopkins presents an approximate method much similar to that 
proposed by the writer. 

Mr. Palmer is correct in maintaining that equation (e) used by the writer 
fails to satisfy the boundary conditions at the ground surface. This is recog- 
nized by the writer who makes no claim of mathematical purity but, quite the 
reverse, reiterates that the proposed method is “approximate” and should be 
used to provide a “rough, workable estimating basis.” It is not believed that 
Mr. Palmer’s solution of the laterally loaded pile problem is any more exact 
than the author’s since it, too, rests on the assumption that it is mathemati- 
cally correct to reduce the three dimensional pile problem to a two dimen- 
sional plane strain problem; this assumption alone is sufficient to vitiate any 
pure mathematical solution. As stated in the paper proper, a precise mathe- 
matical solution to the three dimensional problem has not been found; to per- 
form involved and exact mathematics after making a gross assumption is be- 
lieved superfluous. 

Agreement with test data should be the testing ground for any solution to 
the laterally loaded pile problem—especially since no solution is “pure.” As 
stated by Mr. Hopkins in his discussion, the use of the method outlined in 
the paper “yields computed bending moments and deflections which are in 
reasonably close agreement with recorded results.” This is believed suffi- 
cient justification for its use. 

Mr. Hopkins’ discussion of the limitations implicit in the method contri- 
butes much to the worth of the paper and should be carefully studied. The 
approximate values of “k” proposed by Mr. Hopkins appear to be in agree- 
ment with those found by the writer for very small deflections of the pile. 
The writer urges that further experimental study be made to determine 
within engineering accuracy the correct ranges of “k” for both the parame- 
ters of soil condition and deflection. To convert “k” to the k used in the 
charts contained in the paper, it is only necessary to multiply “k” by the pile 
diameter and convert the pounds into kips. 

The remainder of Mr. Hopkins discussion substantiates the findings of the 
writer. The design chart prepared by Mr. Hopkins shouid be of value to those 
engineers interested in allowable thrusts for an allowable deflection of 1/16 
of an inch. 


1. Civ. Engr., National Advisory Committee for Aeronautics, Langley Field, 
Va. 
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While admitting that k changes with deflection and that larger deflections 
do exist, both discussers make no provision in their proposed solutions for 


the incorporation of a varying k. Mr. Palmer states that the varying k has 
not been a serious obstacle in pavement design while omitting that this is be- 
cause the k used in design calculations is determined from plate tests run to 
the governing deflection. Mr. Hopkins limits his proposed method to a de- 
flection of 1/16 of an inch. It is believed that the method proposed by the 
writer, because it takes into accound the variation of k with deflection, is the 
only method designed to give a reliable approximation of the pile’s stresses 
throughout a large deflection range. 
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Discussion of 
“PILE TESTS, LOW-SILL STRUCTURE, OLD RIVER, LA.” 


by C. L Mansur and R. I. Kaufman 
(Proc. Paper 1079) 


YOSHICHIKA NISHIDA.!—The authors have made many facts concerning 
pile problems quantitatively ciear, for which the writer wishes to extend his 
thanks. 

By the calculation of the coefficient of earth pressure K from their ob- 
ff served values, the authors showed that K in the compression of the pile was 
| different from the one in the tension. This fact means that the distribution 
i of the skin friction is different from the compression case and the tension 
case due to the effect of the point resistance of the pile tip, and that the skin- 
friction term in the bearing capacity of the pile should not be obtained by the 


{ pull test of the pile. This proves that the skin-friction term and the toe term 
can not be independent of each other although many calculations by pile formu- 
re las are made with no relationship between those two terms. The writer 


thinks the revelation of this fact is a great contribution. 

The authors state that the skin friction s is proportional to the depth in a 
stratum, if K is constant, in order to simplify problems. The writer thinks 
: that s is not simply proportional to depth as seen from observations in Fig. 

j 18, although the rigorous relationship between the skin friction and the later- 
al earth pressure is yet unknown, except for some attempts by the writer. 
The result, that the average value of unit skin friction in sand for compres- 
sion is about 1/1.7 times that in silt, is perhaps due to the effect by the pile 
tip in sand, as the authors explained. And this effect of the pile tip also gives 
the difference of K between compression and tension for sand. However, the 
writer wishes to know the r2ason why the difference exists between compres- 
sion and tension for silt in spite of being far from the pile tip. 

Is there no cohesion in silt? A little cohesion or moisture in sand or silt 
seems to have considerable effects on the strength of soils. The pile in a silt 
stratum swells laterally due to the great deformation under compressive 
loads, as seen from the difference between the gross settlement and the net 
settlement in Fig. 10, since the pile stands on the firmer sand stratum than 
the silt one, however there is no swelling of pile in the case of tension. A 
greater swelling in the lateral direction of the pile causes a higher pressure 
in the lateral direction, which is an explanation of the difference of K in silt 
between compression and tension. In sand, the point resistance causes the 
tension stress near the tip and it reduces the earth pressure, as the authors 
explained already, and so the swelling of pile, even if considered, has a much 
smaller effect. 


S. F. GIZIENSKI,2 A.M. ASCE.—Although the pile tests, described by the 
authors, were made for the specific purpose of determining the type, size, 


1. Instr. of Civ. Eng., Univ. of Kanazawa, Kanazawa-shi, Japan. 
2. Civ. Engr., Woodward, Clyde & Associates, Oakland, Calif. 
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and length of piles required to support a proposed low-sill structure, the re- 
sults obtained confirm a number of theoretical concepts regarding distribu- 
tion of loads along the length of a pile. The excavation of 50 ft. of over- 
burden at the test site, driving of 7 test piles and 64 wood anchor piles, 
elaborate instrumentation and the installation of well points all obviously in- 
volved considerable expense; this undoubtedly was justified by the size and 
value of the project. The completeness with which these tests were made and 
analyzed and the fact that they are made available to the engineering frater- 
nity provide additional justification for the expenditures. 

The authors have based their conclusions on the measurements of pile de- 
formations at various depths for different load conditions. They assume that 
the soil conditions around and below the test piles as installed are the same 
as they will be for the actual structure. This assumption will not be true if 
closely spaced wood anchor piles used during the test have densified the sur- 
rounding soil. The depths to which the anchor piles were driven have not 
been indicated. The writer wonders if there was any densification of the 
surrounding soil by driving of either the anchor piles or the test piles. An 
examination of Table 3 shows that the resistance to driving of the pile for the 
last 6 in. was about 60% higher for Pile 6 (19-in. diameter) than for Pile 2 
(21-in. diameter). Both piles were driven to the same depth although Pile 2 
was embedded in the sand strata 2 ft. more than Pile 6. The supporting 
capacity of Pile 6 was higher for friction in the silt layer and for friction and 
end bearing in the sand. Was Pile 6 one of the last piles to be driven? 

The curves for Distribution of Load in Piles, Figs. 9 and 14, and the 
curves for Load vs. Movement, Figs. 10 and 15, furnished the basic data 
from which the authors extrapolated additional curves and conclusions. 

Fig. 9 in the paper represents the distribution of load in piles for various 
depths and is based on values measured at six or seven points along the 
length of the pile. It should be kept in mind in fitting a curve to these points 
that the lower part of the curve should have a vertical tangent at the bottom 
of the pile where end-bearing is developed. The authors’ statement that 
“skin friction in the sands decreases near the pile tip” is true of all soils 
where some end support is developed. In the language of the Load Distribu- 
tion Curves, Fig. 9, a vertical tangent means that this is the end of frictional 
resistance and whatever remains unsupported is carried by point resistance. 
In an analogous way all curves for Distribution of Load in Piles in tension, 
Fig. 14, must have a vertical tangent at the ground surface. 

The author’s statement on p. 1079-14 that ‘applied pile loads are carried 
by skin friction in the silt stratum and by skin friction and tip resistance in 
the sands” is in line with theory and should be emphasized. Even in the case 
of piles supposedly driven to “point bearing” on rock there is evidence that a 
portion of the load is being carried by friction. An examination of the results 
of some loading tests on H=piles laterally supported by soft and stiff soils 
shows this to be true. The values in the following table have been computed 
from a summary of these loading tests.(1) 
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LENGTH 

UNSUPPORTED TEST PERCENT 
SIZE OF  LENGTH* ANDINSOFT LOAD, CARRIED BY 
PILE . SOILS, FT. FRICTION 


14 in. x 102 lb 
14 in. x 89 lb 
14 in. x 73 lb 
12 in. x 53 Ib 
14 in. x 89 lb 


*All piles driven to point bearing on rock. 


The percentage of the test load carried by friction has been computed by 
the writer from comparison of the actual settlements as given in the refer- 
ence with the theoretical decrease in length of the pile under the test load, 
assuming uniform compression across the cross section of the pile; the 
value of the modulus of elasticity of steel is taken as 29 million psi. 

The gross and net settlement of the pile butt were measured; the net set- 
tlement is the residual settlement after the removal of the load and rebound 
of the pile. In Figs. 10 and 15 also the curve of tip movement is presented. 
Though there is a close agreement between this curve and the curve of net 
settlement of the butt, the latter curve is above the former in all cases in 
Fig. 10 (except Pile 5 where both curves coincide). In tension tests (Fig. 15) 
the relative position of these curves is reversed. 

The hypothesis of locked-in or residual stresses cannot be discussed un- 
less some opinion of the authors on the origin of such stresses is given. For 
discussion purposes it is necessary to know how the tip movement was mea- 
sured, before or after the removal of the load from the pile. Essentially this 
amounts to determining if the elastic rebound of the sand under the pile tips 
was considered. 


REFERENCE 


1. Bethelem H-Piles, Catalog 223, Bethlehem Steel Company, (1949) Table 2, 
p. 13. 


ASCE 
4 
A NO. 
1 215 172 200 41 
3 137 54 121 41 Sr 
2 15 81.3 22 150 55 a 
16 39 150 21 
17 110.3 80 150 30 
q 
Z 
2h 
te 
it 
7 
f 


Me 
| 
| 
4 
ig 
| 
i 
ay 
: 
| 
ail: 
| 
te 
+ 
a 
‘ 
‘ q 
4 
ie aly 
a A 
| 
4 
4 


ASCE 1228-11 


Discussion of 
“FOUNDATION STUDIES FOR DE LONG PIERS” 


by W. G. Shockley and T. B. Goode 
(Proc. Paper 1080) 


JOHN A. FOCHT, JR.,1 A.M. ASCE.—The results of the investigations re- 
ported provide an empirical basis for the predetermination of the capacity of 
large-diameter piles and caissons which are driven, particularly in clay 
soils. In the past, predictions of capacity and penetrations had to be based 
on theoretical formulas extended by extrapolation from bearing-capacity 
formulas for shallow footings. Large-diameter piles and caissons ranging 
in diameter from 4 ft. to 35 ft. are being used to support both fixed and mo- 
bile structures in the Gulf of Mexico for oil-well drilling operations. There- 
fore, the conclusions developed from the observations on 6-ft. caissons will 
be applied immediately to design of such units. 

Where sands or stiff clays are encountered, the piles will probably develop 
ample end bearing with limited penetration to carry the applied loads as at 
Sites 1 and 2. Thus, the critical soil condition is that of soft to firm clay 
where the satisfactory operation of a mobile unit, such as the DeLong pier, 
may be limited. Therefore, the data obtained at Site 3 of the tests where the 
foundation soil was clay warrants analysis beyond that given by the authors in 
Table 1. The data provide an opportunity to compare computed resistance to 
observed resistance at all penetrations rather than at just one depth. 

The shear strengths indicated by unconfined compression tests on undis- 
turbed and remolded samples at Site 3 are plotted versus depth on Fig. 1 
(writer). These data taken from the full report on the study2 can be approxi- 
mated by the straight lines as shown for both types of tests. Use of these 
straight lines to represent the strength-depth property of the soils is probably 
preferable to use of the individual data points, particularly to give considera- 
tion to the upper 14 feet of soil wherein there were no tests. 

The resistance of the DeLong spuds to penetration was computed using the 
generalized strength properties to produce the curves shown on Fig. 2 
(writer). For a clay foundation the ultimate bearing capacity equation of 
Terzaghi and Peck3 reduces to 


Qy = 27r Dg + mr2 (7.4c + ¥ Dg) 
where Qg = ultimate bearing capacity 
r = spud radius 
c = cohesion of soil immediately below spud tip 


Y = unit weight of soil 


1. Chf. Design Engr., McClelland Engrs., Inc., Houston, Tex. 


2. “DeLong Pier Foundation Tests” Miscel. Paper 3-78, Waterways Experi- 
ment Station, February 1954. 

3. Terzaghi, K., and Peck, R., Soil Mechanics in Engineering Practice. John 
Wiley and Sons, 1948, p. 176. 
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fs = skin friction on spud 
D¢ = depth of embedment 


The first term in the equation is for the skin friction on the embedded surface 
of the caisson and the second term represents the end bearing of the caisson. 
For all the curves on Fig. 2, the unit skin friction, fg, was taken to be the re- 
molded shear strength of the soil as generalized by the straight line on Fig. 2. 
Curve 1 on Fig. 2 was computed using the remolded shear strength for the 
cohesion, c, and Curve 2 was computed with undisturbed shear strength. 
Curve 3 is a modification of Curve 2 by elimination of the Y D; factor from 

the end bearing term. 

The resistance of spuds B and C observed at Site 3 are shown on Fig. 2 
(writer) taken from Fig. 8 (author). These resistances were measured at the 
standard rate of penetration, which was 0.25 to 1.0 inch per second. Obser- 
vations were also made at a slow rate of penetration, about 0.1 inch per 
minute, at selected depths. These data are also shown on Fig. 2 (writer). 
Comparison of the theoretical penetration resistance curves with the ob- 
served data provides a much better opportunity for evaluation of the theoreti- 
cal calculations than does Table 1. The following conclusions may be drawn 
from study of the curves on Fig. 2 (writer) for Site 3: 


1. A fully conservative prediction of caisson capacity immediately after 
installation at any penetration is obtained by using remolded shear strength 
to compute both skin friction and end bearing and by including the YD factor 
in the computed end bearing (Curve 1). 


2. The minimum expected penetration for a given caisson load is obtained 
by using remolded shear strength for skin friction, undisturbed shear 
strength for end bearing and the YD factor in the end bearing (Curve 2). 


3. The most reasonable interpretation of the observed resistances at both 
rates of penetration, which is also a liberal estimate of the penetration re- 
quired to support a given load at the normal rate of penetration, is obtained 
by using remolded shear strength for skin friction and undisturbed shear 
strength for end bearing, with the YD factor omitted from the computed end 
bearing (Curve 3). 


The shear strength data from Site 2, as shown on Fig. 3 (writer), does not 
lend itself to as reliable a generalization as does the data from Site 3. One 
approximation which could be made is shown on Fig. 3 (writer). Capacity 
curves computed for these shear strengths are plotted on Fig. 4 (writer) with 
the observed resistance curves also shown for both normal and slow rates of 
penetration. The computed curves are shown only to El -53 which is the bot- 
tom of the clay at Site 2. The observed curves have a significantly different 
general shape from the computed curves and show markedly lower resistance 
at shallow penetrations. But, nevertheless, the three computed curves bear 
the same general relationship to the observed curves as at Site 3. 

On the basis of the good correlations of computed and observed data at 
Site 3, substantiated generally by the results at Site 2, the following conclu- 
sions appear warranted for large piles or caissons forced into a clay founda- 
tion. 


1. The frictional capacity (or resistance) of a caisson during and immedi- 
ately after installation may be satisfactorily approximated by using the 
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DISCUSSION 


remolded shear strength from unconfined compression tests for the unit skin 
friction. 


2. Computation of the end bearing of a caisson using the remolded shear 
strength and the YD factor when combined with the skin friction will indicate 
a liberal estimate of the penetration to be expected under a given load or a 
conservative evaluation of the caisson capacity at a selected penetration even 
for a slow rate of penetration. 


3. Computation of the end bearing of a caisson using the undisturbed shear 
strength from unconfined compression tests and omitting the YD factor will 
indicate, when combined with the total skin friction, an average capacity to 
be expected for a given penetration or an average penetration to be expected 
for a specific load. 


The conclusions above furnish a basis to predicting the penetration of a 
caisson under a given structure load. However, the maximum load to be car- 
ried by a caisson is in most cases greater than the load utilized to install the 
caisson. This is particularly true of mobile drilling units in the Gulf of 
Mexico where maximum loads result from drilling operations or storm 
forces. Therefore, some means of evaluating the increase in caisson ca- 
pacity wi 1 time is necessary. It seems reasonable to follow normal practice 
established for friction piles in soft clay which uses the shear strength indi- 
cated by unconfined compression tests on undisturbed samples as an approxi- 
mation of the skin friction between the pile and the soil after a period of time. 
A questior remains as to the most suitable procedure to evaluate the end 
bearing capacity of driven caissons at some time after their installation. 

The possible range in penetration for a given load becomes substantial for 
the very large diameter caissons as indicated on Fig. 5. Extrapolating the 
computed curves on Fig. 2 (writer) for a 6-foot caisson at Site 3 to caissons 
12 and 24 feei in diameter produces curves as shown on Fig. 5 (writer). This 
group of curves clearly shows that range between Curves 1 and 2 increases 
with soil strength and caisson diameter. The importance of end bearing in the 
total capacity of a large diameter caisson is established by the following 
table which gives the percentage of the capacity indicated by Curve 1 (the 
minimum total capacity) produced by skin friction at a penetration of 40 feet: 


Caisson Skin Friction as 
Diameter % of Total Capacity 
6' 43 
12° 27 


24' 


The portion of the total capacity carried by end bearing becomes increasingly 
greater with caisson diameter. 

In their conclusions, the authors favor “the dynamic cone—for field use— 
because of its comparitive simplicity of operation” which probably is correct 
if military personnel are to perform the tests. However, with experienced 
personnel, borings can be made quite rapidly from a floating barge using a 
rotary drill rig and a 3-inch Shelby tube sampler. Unconfined compression 
tests can be performed as the boring progresses to provide immediately 
caisson Capacity curves. Therefore, an undisturbed sample boring appears 
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appears to be a more desirable technique for advance determination of 
caisson capacity for oil well drilling units. 

In summary, the results of the tests reported by the authors furnish a 
sound basis for predicting the capacity or penetration of 6-foot diameter 
caissons. Additional full scale tests on caissons 12 feet or more in diameter 
are sorely needed to narrow, if possible, the wide potential range in end 
bearing indicated for soft clay when the data on 6-foot caissons is extrapo- 


lated up to the very large diameters. 
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COHESION, TON/SQ. FT. 
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PENETRATION RESISTANCE IN KIPS 
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SPUD RESISTANCE 
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PENETRATION RESISTANCE IN KIPS 
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Discussion of 
“SOIL MODULUS FOR LATERALLY LOADED PILES” 


by Bramlette McClelland and John A. Focht, Jr. 
(Proc. Paper 1081) 


RALPH F. REUSS,* A.M. ASCE.—The data and analyses presented by the 
authors represent a significant contribution to the evaluation of lateral 
stability of piles in clayey soils. The method of correlation, based on 
equality of strains, defines a possible procedure for future correlation of 
field and laboratory stress-strain data. 

The authors outline the field test procedure and indicate that graphical 
differentiation and integration were used to obtain the soil reaction and de- 
flection values. Since these values form the basis of subsequent correlations 
it would be of interest to learn the accuracy of the field measurements, range 
of possible error, and resulting influence on the computed soil modulus 
values. 

The soil modulus curves shown in Figure 5 of the paper indicate a de- 
crease in soil modulus with increasing strain and/or lateral load. This de- 
crease in ratio of soil pressure to deflection indicates that non-linear stress- 
deformation occurred at each gage depth. If linear stress-strain occurred, 
then the values of E, would be constant for increasing deflection at a given 
depth. The similarity of curves for the 20 and 40 kip dynamic loads in 
Figure 5 suggest that a linear relationship between soil stress and deforma- 
tion may have occurred at each gage depth for these loads. The reaction- 
deflection curves shown in Figure 4 of the paper also indicate that stress- 
deformation was nearly linear for small deflections and further that failure 
of the shallow soils occurred for increasing values of lateral load. The pos- 
sible occurrence of linear and non-linear soil deformation suggests that the 
1 siting strain for linear deformation may be significant in the evaluation of 
lateral resistance and may also provide a design procedure which would 
preclude the occurrence of progressive failure of the shallow soils. If pile 
deflections were limited to values within the linear range of deformation 
then permanent soil deformation and progressive failure of the soil would be 
prevented for repetitive lateral loading. 

The authors indicate that the sensitivity ratio based on unconfined com- 
pressive strength values averaged 2.5. It was also concluded that the Q-. 
triaxial test value represents the in-place strength value, although, it is be- 
lieved that this conclusion should be qualified to apply to Qc values deter- 
mined for specimens consolidated at effective overburden pressure, and 
further, test specimens which do not undergo appreciable volume decrease 
during consolidation at effective overburden pressure. If the Q,. strength 
value is assumed representative of the in-place soil strength, then the true 
sensitivity ratio of the soil based on maximum and minimum soil strengths 
will be in the order of seven or eight. The soil adjacent to the test pile must 
therefore be described as a sensitive clay. 


* Partner, National Soil Services, Houston, Tex. 
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. The procedure outlined for the analysis of lateral stability, recommends 
a ¢ that the design be based on the ultimate soil resistance corresponding to the 
: estimated pile deflection. While previous mathematical studies have shown 
4 that computed moments are not influenced by small changes in soil moduli; 
af actual lateral deflections or loads in excess of computed values, may induce 
4 failure and strength loss in the soils in the vicinity of the groundline and re- 
; sult in an equivalent increase in height of load application with respect to the 
- : assumed point of application. This condition occurred in the test and is 
_¥ illustrated by the Eg curves in Figure 5 of the paper in which the point of 
7 3 zero soil resistance or modulus occurs at increasing depths below the 
4 | groundline with increasing values of applied load. This equivalent increase 
| ar oe in height of load application results in a proportionate increase in maximum 
deflection and moment. 
- os The evaluation of lateral capacity as recommended by the authors must be 
c " made with caution, since, in its present form the design does not provide for 
t q direct application of a factor of safety to the soil resistance. It is suggested 
% that a factor of safety be applied in design problems by increasing the esti- 
i mated maximum lateral loading, since the moments and deflections are in- 
‘ol fluenced to a nearly proportionate degree by changes in the magnitude of 
2 lateral load. Increasing the design lateral loading will result in selection of 
: Hie a pile section with sufficient stiffness to permit some variation in estimated 
‘- ; deflections, lateral loading conditions, and soil moduli without development 
4g of excessive bending stresses. 
* The analysis should also include comparison of computed deflection and 
q soil failure strains at the groundline to insure that progressive failure and 
i equivalent increase in height of load application will not occur. This phase 
oo 4 of the analysis may result in the requirement that a larger section or added 
cyt a stiffness be used in the vicinity of the groundline. 
\ 4 The methods of analyses described in this paper permit a more accurate 
4 evaluation of lateral pile capacity in clays than formerly possible. However, 
; the correlation and method of analyses are tentative, and in a design applica- 
3 tion consideration must be given to all factors which will influence lateral 
soil resistance. 
14 R. B. PECK,! M. ASCE, M. T. DAVISSON 2 and VELLO HANSEN,® 
4 JUNIOR MEMBERS ASCE.—The computed values of soil modulus, Eg, are 
: shown in the authors’ Fig. 5 as a function of depth. The values of Eg for a 
et given load increase almost linearly with depth for a few feet below the mud 
: ‘ line, whereupon they decrease, in some instances to zero, at depths of 13 to 
4 about 20 feet. 
It is not reasonable that Eg should be zero except possibly within a very 
: short distance below the mud line, because even in extremely soft soil there 
5 will be some resistance against deflection. The authors appear to recognize 
’ this fact because they refer to trends within the “significant” depth, but it is 
§ not clear why only the data within the upper ten feet or so should be signifi- 
2 cant for a pile with an embedded length of 75 ft. 
‘,g Through the courtesy of the sponsors of the test, the writers have had 
F access to the original data and have considered it desirable to study the 


1. Research Prof. of Foundation Eng., Univ. of Dlinois, Urbana, Ill. 
2. Research Asst., Univ. of Dlinois, Urbana, Il. 
¥ 3. Former Graduate Student, Univ. of Dlinois, Urbana, 
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possible reasons for this discrepancy. Detailed computations were made for 
one loading case, that for which the “static” load was equal to 93.3 kips. 
This case was chosen because the data seemed more consistent than for any 
other. 
= As a first step, the values of E, at various depths were calculated by 
™ conventional procedures of double differentiation and double integration of 
the moment curve derived directly from the strain measurements. The re- 
sults were in substantial agreement with those obtained by the authors, in- 
cluding a reduction in the value of Eg to a small value, although not zero, at 
a depth of 32 feet. As a second step, it was decided to determine whether a 
/ €6imore reasonable relationship of E, with depth could be assumed which would 
= lead to values of moment not differing from the values determined from the 
™ strain readings by more than a reasonable allowance for experimental error. 
That is, it was considered desirable to learn whether the peculiarities in the 
+ values of Eg might be the result of high sensitivity of the computed values to 
small variations in the measured quantities. 

The deflection curve can be determined with considerable accuracy from 
m™ the measured strains, because the process of double integration does not in- 
m™ volve large errors. Therefore, the strain readings were used to compute the 

= curve of deflection corresponding to the load of 93.3 kips. On the other hand, 
the curve of soil reaction as a function of depth involves the very inaccurate 
procedure of double differentiation. Hence, a relationship hetween E, and 
| depth was assumed. The soil reactions were determined by multiplying 
mm ©6values of E, by the corresponding values of deflection, whereupon the moment 
= curve was computed by the relatively accurate process of double integration. 
= The computed moment curve was compared with the one derived from the 
measured strains to determine whether discrepancies existed and whether 
such discrepancies were within the limits of experimental error. 

Three of the assumed variations of E, are shown in Fig. la. The corres- 
ponding moment curves are shown in Fig. 1b together with the moments de- 
termined directly from the strain readings. It is noted that very satisfactory 
agreement exists in the upper 10 or 15 feet below the mud line, but important 
discrepancies appear below this level. Some idea of the possible error in the 
measured moment can be obtained by comparing the strain-gage readings on 
the front and back side of the pile at a given depth; these readings should be 
equal but of opposite sign. The numerical difference in the readings is indica- 
tive of the order of magnitude of the error in the moment, which was deter- 
mined on the basis of the average of the two gage readings. As indicated in 
Fig. 2, this discrepancy is not great enough to account for the difference be- 
tween computed and observed moment curves. Therefore, one is obliged to 
accept the authors’ interpretation of the data, including values of E, approxi- 
mately equal to zero, or to seek other causes of the discrepancy. 

It appears to the writers that two causes may be of considerable impor- 
tance. The first is the rather unusual sequence of applications of the load; 
the second is the lack of a positive check on the magnitude of the deflection. 
The first item is not apparent in the paper, but must be investigated by a | 
study of the original data. The strain gages were located at 22 different 
levels. Not enough oscillograph channels were available, however, to permit a 
simultaneous reading of all the gages. The experimenters had the option of eZ 
applying a given load and of successively reading the various groups of gages, 
or of reading all the gages in one group while the load was successively set 
at various values and then reading another group of gages while the cycles of 
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load were repeated. It was more expedient to vary the jack load than to 
switch from one set of gages to another. Hence, the second alternative was 
chosen. As a consequence, the data for the 93.3 kip static load consist of 4 
different sets of gage readings. Each set contained the readings on about one 
quarter of the gages on the pile. While each group of gages was connected 
to the oscillograph the load was held successively at 4 different values for 
the 10 minutes assigned to a “static” test and, in some instances, with the 
Same connections, several “Dynamic” test tests were also made. Then the 
connections were changed to another set of gages and the various loads again 
applied in succession. Thus, 3 or 4 sets of loadings were required before a 
complete series of strain readings was available for any one value of jack 
load. 

Hence, the moment curve derived from the readings does not represent 
one single moment curve, but is a composite of parts of several curves cor- 
responding to different loading histories. Similarly, the deflection curve de- 
rived from the moments does not represent the deflection of the pile at any 
actual time. Since there is reason to believe that Eg changes with repetition 
of loading, this fact may to a considerable extent invalidate any conclusions 
drawn from the data. 

The second source of large potential error is the magnitude of the deflec- 
tion itself. The authors’ studies and all the preceding comments are based 
on the assumption that tke deflections as computed from the moments are ap- 
proximately correct. However, at no point in the pile is the deflection inde- 
pendently known. A translation or rotation of the pile without bending would 
give rise to soil reactions not considered in the analysis. The extent to 
which any such bodily movement occurred cannot be determined. An inde- 
pendent check of deflection would be invaluable in ascertaining the accuracy 
of the results of computed deflections. According to the theory, since Eg 
should not equal zero at depth, the soil reaction cannot be zero unless the 
deflection is zero. Hence, the curves of soil reaction and of deflection, both 
derived from the measured strains, should cross their respective zero axes 
at the same depths. They fail todo so. Hence, there must either be a defect 
in the theory, or the data must be inaccurate. A shift in the deflection curve 
is a possible means to restore compatibility. 

For example, if the deflection curve is rotated slightly, as shown in Fig. 3, 
the points of zero soil reaction and deflection can be made to coincide and a 
very reasonable variation of E, with depth is obtained to a depth as great as 
32 ft. below the mud line. This is at least as satisfactory an interpretation 
of the data as the authors’ Fig. 5. It may be noted that the values of Eg be- 
tween 22 and 32 ft. may be erratic on account of the relatively large ratio of 
instrument error to deflection in this range. Within these depths the varia- 
tion of Eg may therefore be somewhat inaccurate. Values of Eg plotted in 
Fig. 3 have the authors’ units of kips per inch of pile length per inch of de- 
flection. 

It would seem that, especially in the upper part of the embedded portion of 
the pile, the value of E, must decrease markedly with increasing deflection. 
The value may even become zero in the upper few feet, if the soil is pushed 
permanently away from the pile by repeated loading. This influence of the 
deflection on E, can hardly be ignored, and any theory based on the assump- 
tion that Eg is independent of deflection is likely to be seriously in error. 

Finally, it may be noted that the stress-strain properties of a given sample 
of soil may be strongly influenced by the size of the samples, by the degree of 
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sampling disturbance, by the manner in which the lateral pressures are al- 
lowed to vary as the deviator stress is applied, and by the time rate of strain. 
Hence, for these reasons as well as the reasons pointed out above, the au- 
thors’ correlation of testpile and triaxial data and its application to practical 
problems do not seem justified. 


RAYMOND LUNDGREN, J.M. ASCE.—Being members of a consulting engi- 
neering firm, the authors of this paper’are close to present day construction 
reality. At the same time, their paper shows that they are well acquainted 
with the views of modern soil mechanics on the soil modulus of pile reaction 
Eg. Since the authors are well equipped from both the practical and theoreti- 
cal side to discuss their chosen topic, their conclusions deserve close atten- 
tion of the readers of this journal and the profession in general. 

The relationship developed in the paper depends upon graphical differentia- 
tion and integration of a moment diagram developed from strain gage read- 
ings. The correctness of the reaction and deflection diagrams, such as those 
shown in Figure 3, is not considered in this discussion. 


1. At the beginning of the paper the authors strongly affirm that the value 
of Eg is not constant for variable loads at any given depth; they clearly prove 
this statement by their research. The writer fully agrees with this statement. 
It should be noted, however, that the soil modulus of pile reaction Eg is after 
all the same concept as the modulus or coefficient of the subgrade reaction 
for which Terzaghi uses the symbol Kg. (ia) Two cases are considered by 
Terzaghi: (a) the K, value is constant, which is a fictitious case and (b) the 
Kg value is not constant but decreases with increasing values of the intensity 
of the load, which is a real case. Terzaghi’s point of view is basically the 
same as that of the authors. 


2. Figure 4 indicates that as the applied lateral load is increased the re- 
action p of the soil first increases, reaches a maximum, and then starts to 
decrease. Simultaneously the deflection increases. This decrease in reac- 
tion p occurred only close to the mud line, at the depths below 5 feet. At 
greater depths the maximum reaction value was not reached with the loads 
applied. It appears that because of the application of the loads, the shearing 
strength at shallow depths was overcome. The failure in this case consisted 
in a rapid decrease of the pile reaction p, until the value of the reaction 
reached zero; the soil, however, still should have offered some resistance. 
The magnitude of this resistance could not be less than the remolded shear- 
ing strength of the material, or approximately of the undisturbed shearing 
strength. In other words, it seems that when the 100-kip load was applied, 
the soil reaction at a depth of 3 feet should have a definite value and should 
not be equal to zero as shown in Figure 4. 


3. Under the heading “Description of Test Pile” the authors state: “Loads 
were applied in increments in two series, a ‘static’ series and a ‘dynamic’ 
series.” Apparently there was only one static and one dynamic series. 
Reference to Figure 5 indicates that there were five horizontal loads in the 
static series, namely 20, 40, 60, 80 and 100 kips; the 100-kip load apparently 
was not applied for the dynamic series. In the actual project, for which this 
test probably has been performed, there probably will be thousands of 


* Junior Engr., Univ. of California, Berkeley, Calif. 
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applications of transient loads. This leads to a consideration of the possi- 
bility that these applications will gradually change the physical nature of the 
soil, and hence also change the Eg - values. The writer is ready to admit 
that transient loads would not produce a squeezing out of moisture from the 
soil, but they may produce a gradual change in the strength of the soil, and 
hence influence the Eg values. The increase in strength of a soil without a 
change in water content is a possibility, as laboratory observations have 
shown. 


4. The authors’ aim consisted in correlating their field results with the 
laboratory triaxial test results on the same material. The final diagram is 
presented in Figure 9, in which the pressure p exerted by the pile on the soil 


per unit of width of the pile b (i.e. P) is plotted against the weight of the over- 


burden 7x (where ¥ is unit weight, of soil, x is depth); and the resulting curve 
is replaced by a straight line labeled “FIELD” in Figure 9. In the same 
figure the laboratory deviator stress (aq) is plotted against the confining 
pressure 09; thus giving a straight line labeled “LABORATORY.” The ratio 
of the slopes of these two straight lines is approximately 5.5; and using a 
certain reasoning it was concluded that the soil modulus at a certain depth is 
about 11 times the secant modulus from the laboratory Qc; test on a sample of 
clay from that depth. Using a strain value other than 1%, the results probably 
would be different. In the writer’s opinion the research data described in this 
paper refer to the type of the pile and methods of load application used, and 
they should be generalized to other cases with caution. It also is the writer’s 
opinion that the stiffness of the pile would have a considerable effect on the 
lateral load-deflection characteristics. 

Whereas there are no major objections to the general reasoning of the 


authors, it would be advisable to repeat their tests on several clays and on . 

piles having different stiffnesses. Perhaps modern laboratory apparata for 
Hy the study of repetitional loads in soil could be of help. One of such apparata t : 
: is described in Reference 2. qo: 


5. In Figure 6 it is shown that the Qc triaxial tests indicate greater shear 
strengths than the unconfined compression tests at equal depths. If the clay 
is normally consolidated, and the triaxial specimens are consolidated under 
their natural overburden pressures, the Qc tests should indicate approximate- 
ly the same shear strengths as the unconfined compression test. Since the 
field vane test revealed in situ shear strengths that compare very closely 
with values determined from Q, triaxial tests it is very probable that the dis- 
crepancy perhaps is due to sample disturbance of the unconfined compression 
specimens. For a clay, whether or not it is normally consolidated, the shear 
strength as determined by the unconfined compression test or the field vane 
test should give values which could be used in predicting pile deflections. 
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LYMON C. REESE,! A.M. ASCE.—A very interesting paper on a complex 
problem in soil mechanics involving the interaction between soils and struc- 
tures has been presented, and the authors are to be commended for applying 
intelligence and imagination to obtain the tentative procedure for estimating 
the soil modulus of pile reaction. 

At the present time rational methods can be applied to only one part of the 
problem, that is, to the determination of the ultimate resistance of the soil 
against the pile. If one assumes a pile with a square cross-section being 
moved through saturated clay at some distance below the ground surface so 
that there is only horizontal flow of the soil on failure, it is possible to make 
a rational determination of the approximate ultimate resistance which the 
soil will exert against the pile. Figure la shows a vertical section through 
the pile, and Figure 1b shows the blocks of soil which are assumed to be dis- 
placed horizontally when the pile is deflected. To begin the analysis, it is 
assumed that the stress, ¢0,, on the side of block E next to the pile is equal 
to zero. Assuming a soil strength defined by the expression s = c, the mag- 
nitude of the stress, 09, will be 2c. By a similar analysis the stress, 73, is 
4c. If in moving relative to the pile and the adjacent soil, block C is assumed 
to develop full resistance along each side, the magnitude of 04 will be 6c. If 
blocks B and A fail as did Blocks E and D, the value of og will be 10c. 
Examining the free body of the pile section, it can be seen that the ultimate 
soil resistance against the pile where horizontal flow of the soil occurs is 


= o¢+2ce-0, = l2c (1) 

It is possible, also to make a rational determination of the approximate 
ultimate resistance which saturated clay will exert against a pile near the 
ground surface if one assumes a wedge of soil being moved up and out by the 
pile. Figure 2 shows a free body of such a wedge. The forces which exist on 
the wedge are defined as follows: Fy, is the body force; F9 is the shear force 
on plane ABFE and Fg is the normal force on that plane; F3 is the shear 
force on plane ACE and F,4 is the shear force on plane BDF; Fs is the shear 
force on plane CDFE and F7 is the normal force on that plane. There are al- 
so normal forces acting on planes ACE and BDF but they are assumed to 
have no bearing on this problem. The wedge is assumed to move along plane 
ABFE and the shear forces act in a direction opposite to the movement. 

It is assumed that the full shear resistance, c, of the soil is developed on 
planes ACE, BDF, and ABFE, and that only a portion of the shear resistance, 
say kc, is developed on plane CDFE. With these assumptions, the following 
equations can be written for the forces: 


= ybh* tan 6 (2) 

F, = cbh sec 6 (3) 

F. = F, = tan 6 (4) 

F, = kcbh (5) 


1. Asst. Prof. of Civ. Eng., Univ. of Texas, Austin, Tex. 
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Summing forces in the vertical direction 


2 
Fy = sec + kcbh csc 6 + cbh csc 0+ ch (6) 
Summing forces in the horizontal direction 
+ kcbh ctn @ + 2cbh sec @csc (7) 
7 2 
+ch sec 6 
The soil resistance against the pile can be obtained by taking the 
derivative of Fy and dividing this derivative by b; thus, 
it = yh+ke ctn@+2cctn 6 + Ech sec (8) 
At the ground surface 
(bat = ke ctn 6 + 2c ctn 6 (9) 


If the value of 9 is assumed to be 45 degrees and that of k is assumed to be 
zero 


(10) 


The value of 12c which was obtained by the approximate analysis for a 
square pile at some distance below the ground surface agrees fairly well with 
the value of 11c which was obtained by the authors. 

However, the authors’ method does not take into account the fact that the 
soil resistance near the ground surface can be as small as 2c. This means 
that errors on the unsafe side could occur, especially if the top few feet of 
soil were to consist o£ stiff clay. Equation 8 shows that the value of the ulti- 
mate soil resistance will reach the value of 12c at about three pile diameters 
beneath the ground surface, and some thought should be given to modifying 
the method to deal with this upper zone. 

The approximate values of ultimate soil resistance which were computed 
by the rational analysis shown above may be of only academic interest, how- 
ever, because there is no assurance that the pile can be deflected sufficiently 
to produce this ultimate resistance. 

Attention is directed to the great importance of the nature of the soil near 
the ground surface to the behavior of a laterally loaded pile. The writer has 
used the proposed method and the stress-strain curves in the authors’ 
Figure 6 to calculate the soil modulus for a pile with a length of 74 feet and 
with a moment of inertia of 4720 in4. It was found that the computed soil 
modulus was entirely dependent on the soil in the top 15 feet. In this depth 
the authors’ Figure 7 shows five stress-strain curves, two of which are for 
the same depth. The scatter in the values of the soil modulus determined 


4 
( 
ats 
4 * 
1 
a. 
: 4 


1228-32 SM 2 April, 1957 


from these five curves was great, but the authors have indicated in another 
paper2 that doubling the magnitude of the soil modulus would change the mag- 
nitude of the maximum computed moment only about 15%. Since the soil with- 
in a few feet of the ground surface is so important in using the proposed 
method, soil explorations for the design of laterally loaded structures should 
be especially thorough in the top several feet of soil. Multiple borings 

should be made and the soil should be sampled continuously in that zone. 

This sampling is sometimes quite difficult when exploring very soft under- 
consolidated clay, such as that near the mouth of the Mississippi River. It 

is possible that the vane shear test can be used to advantage in these cases. 

Even though some rational verification can be made of part of the work 
which is presented, the method suggested by the authors is an empirical 
method based on limited data. The authors wisely call their method “tenta- 
tive” and suggest additional instrumented pile tests to confirm the validity 
of the method. 

The solution of this problem is important with regard to the design of 
many pile-supported structures. At the present time the most important of 
these structures from the standpoint of expenditure probably are the plat- 
forms being erected in the Gulf of Mexico by the oil industry. Several dozens 
of these platforms have been erected, some costing more than one million 
dollars, and others are contemplated for the future. Of all the problems en- 
countered in the design of offshore structures, the least is known about the 
behavior of laterally loaded piles, with the possible exception of the wave 
forces on these structures. The work discussed by the authors is com- 
mendable in that it sheds some light on the problem of laterally loaded piles, 
but it would seem advisable to perform an instrumented pile test in conjunc- 
tion with the construction of every major platform until relationships can be 
obtained between soil properties and pile behavior which will allow design of 
these structures with reasonable assurance. 

It is possible that data are available in the files of some investigators 
which will help to verify or modify the tentative method which is proposed in 
this paper. It should be pointed out in this respect that it is not necessary to 
have data from an instrumented pile in order to get some insight into the 
problem. For example, if one assumes that the soil modulus takes the form 

= kx, one can calculate values from which soil-resistance - pile-deflection 
curves can be plotted for various depths if the investigators merely measure 
the deflection and rotation of the pile head for a number of loadings as a func- 
tion of the applied load and moment. These computed soil-resistance- 
deflection curves could then be compared with soil stress-strain curves. 

This procedure could be carried out without difficulty by making use of non- 
dimensional curves which were developed by Professor Hudson Matlock and 
the writer.3 


2. Focht, J. A., Jr., and McClelland, Bramlette, “Analysis of Laterally 
Loaded Piles by Difference Equation Solution,” presented to Spring Meet- 
ing of the Texas Section, ASCE, April 1955, published serially in the Texas 
Engineer, Vol. 25, Nos. 9, 10, 11, Sept., Oct., Nov., 1955. 

. Reese, L. C., and-Matlock, H., “Non-Dimensional Solutions for Laterally 
Loaded Piles with Soil Modulus Assumed Proportional to Depth,” paper 
presented at Eighth Texas Conference on Soil Mechanics and Foundation 
Engineering, Sept. 15, 1956. 
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E. A. RIPPERGER.1—The soil modulus of pile reaction, as the authors 
have defined it, is an important concept in the computations for a laterally 
loaded pile, and as such, should be critically examined as to its basic validity. 
One might very appropriately ask if there really is such a thing as a soil 
modulus, and if so, is it uniquely defined for a given soil? If these questions 
can be answered in the affirmative, clearly there is justification for trying 
to find a method for determining the modulus which does not require driving 
and testing a pile. If the answer is in the negative, some other approach to 
the problem of designing piles for lateral loads should be sought. 

Obviously, a modulus of some sort exists. The authors have presented 
plots of reaction versus deflection, and by definition a secant of one of these 
load-deflection curves is a modulus. The authors imply that for a perfectly 
elastic soil, this modulus for a given pile and a given soil would be single 
valued, but for an inelastic soil there would be an infinite number of moduli. 
The definition in that case is made somewhat more significant by speaking of 
the modulus at a certain arbitrarily chosen deflection. It is by no means 
clear, however, that for either the elastic or the inelastic case, the modulus 
as defined has a unique value, or that the value can be obtained from labora- 
tory tests on soil samples. 

Although soil is clearly not an elastic material except possibly at very 
small strains, we will assume for the present that it is completely elastic 
and employ the theory of elasticity to determine the ratio of load to deflection 
for a pile laterally loaded. 

Consider now a thin horizontal slice taken from the pile-soil system at a 
distance at least five pile diameters below the soil surface. Except for dif- 
ferences in the vicinity of the point of load application the stress distribution 
in this slice, when the pile segment is loaded, is the same as for a concen- 
trated load applied to a point in an infinite plate. If this is considered as a 
problem in plane strain, the solution for the deflection is 


2 


is the deflection 
p is the load 

r is distance from the point of load application to the point 
where the deflection is measured 

is the modulus of elasticity of the medium 

is Poisson’s ratio 

is the distance from the point of load application to a point 
where 6 vanishes. 


2 


This equation can be rewritten as 


4nE 
(1-Y“)(3 + 2V) log b/r 


1. Assoc. Prof. of Eng. Mechanics, Univ. of Texas, Austin, Tex. 
2. Timoshenko, S. P., Theory of Elasticity, First Ed. 1934, McGraw-Hill, 
1939, p. 110. 
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If 6 were actually the deflection at the face of the pile, this expression 
would be equivalent to 2E, as defined by the authors. This expression indi- 
cates that as b approaches infinity, 6 becomes very large and Eg approaches 
zero. Since the strain € , vanishes only when r approaches infinity, the point 
b where the deflection vanishes must also be at r =o. Thus, it appears that 
in an infinite elastic medium, the deflection at a distance r from the point of 
load application will be infinite. This means that the deflection will also be 
infinite at the face of the pile. A semi-infinite elastic bar axially loaded is 
somewhat analogous to this case. For such a bar, the displacement of the 
end in the direction of the load is infinite for all values of the load, except 
that as the load becomes infinitesimally small, the displacement becomes in- 
determinate. 

If the soil is considered not as perfectly elastic, but as a material which 
is elastic at small strains and inelastic at large strains, it may, in the 
vicinity of the pile, enter the inelastic range. At large distances, however, 
it will still behave elastically and the stress distribution in this elastic zone 
will be the same as it was for the completely elastic soil. Hence, the deflec- 
tions at the face of the pile will be infinite for this soil too, if the soil mass 
extends to infinity in all directions from the pile. 

If the soil mass in the vicinity of the pile goes into the plastic range ex- 
hibited by normal cohesive soils and a flow pattern develops around the pile, 
the stress pattern can be divided into three zones all of which move together 
through the soil as the pile moves. The first zone would contain the flowing 
soil. This zone is contained in a very limited region, probably no more than 
three diameters from the center of the pile. The second zone is the region 
in which the soil is behaving inelastically, but is not flowing. This region 
might extend out as far as ten diameters from the pile. The third zone would 
be the elastic zone in which the stresses are small but the distribution is the 
same as it was at that distance for the purely elastic case. The deflection at 
the face of the pile in that case would also be infinite if the lateral dimen- 
sions of the soil are infinite. 

Thus, it appears that if a soil behaves elastically only at very small 
strains, the deflection in an infinite medium will be infinite regardless of the 
soil characteristics at the higher strains, and of the magnitude of the load. 
Obviously, under these assumptions, the soil modulus can have no meaning 
and no unique value other than zero. 

One might logically inquire at this point as to why an actual pile carrying 
a lateral load does not deflect an infinite distance. One limiting factor is the 
finite extent of the soil system. Outside of mathematics, there can be no 
such thing as an infinite soil medium. Finite distances to the boundaries 
limit the deflections to finite quantities. This means that the deflection, and 
hence the ratio of load to deflection Eg, depend not only on the soil properties, 
but also on the distance to the boundaries, and probably, the diameter of the 
pile. Other factors which may contribute to the limiting of the deflection are 
(1) the finite length of the pile and (2) the variation in load along the length of 
the pile. These factors prevent the stress distribution around the pile from 
corresponding to the conditions for plane strain. If these factors are limiting 
the deflection, they are affecting the soil modulus, and if they affect the soil 
modulus, that factor cannot be regarded as unique since it depends not only 
upon the elastic characteristics of the soil, but upon a number of other char- 
acteristics which cannot easily be evaluated. 

The relationship between load and deflection in an actual pile is even more 
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complex than is indicated in the preceding discussion. The general nature of 
this relationship is illustrated graphically in Fig. 1.3 In this illustration, the 
dash pots indicate time dependence; the springs attached to blocks of differ- 
ent sizes indicate a reaction increasing with deflection and then reaching a 
yield point or limiting value which depends on depth; the taper in the springs 
indicates a nonlinear variation of load with deflection; the gap between the 
pile and springs indicates a molding away of the soil by repeated loadings; 
springs shortening as the depth below the surface increases show the in- 
creasing stiffness of the soil. 

In view of all the factors which contribute to the relationship between load 
and deflection in the actual case, and the conclusions to which the simplified 
analysis lead it does not seem likely that the soil modulus, even if uniquely 
defined, could be related to the modulus of elasticity determined by labora- 
tory triaxial tests, by a simple numerical factor which has any fundamental 
basis. 

Nevertheless, the authors have performed a valuable service in setting up 
this hypothesis and focusing attention on the problem. Studies of this hy- 
pothesis and investigations of its validity which must come before it can be 
either wholly accepted or refected, cannot help, in the long run, but lead to a 
clearer understanding of the problem of the laterally loaded pile. 


HUDSON MATLOCK* A.M. ASCE.—The use of strain gages to produce the 
data upon which the authors’ analysis is based appears at present to be the 
most promising way to develop the basic correlations needed for a better un- 
derstanding of the very complex problem of laterally-loaded piles. The 
validity of such basic correlations is dependent upon the reliability of the 
experimental data. Soil reaction values are very sensitive to small errors in 
strain-gage readings and to methods of data evaluation. While computed 
moments are not very sensitive to relatively large errors in assumed soil 
modulus values, an appreciation is needed of the order of precision of pro- 
posed correlation methods or constants. It is hoped that the authors will 
indicate what, in their judgment, is the probable precision of the constant 
proposed. 

The purpose of this discussion is to consider various general approaches 
to the experimental problem, to study the precision required, and to demon- 
strate the validity of the strain gage method. 

Workable correlations might be developed from tests in which only the 
loading and movement at the top of the pile are observed, but because of the 
many parameters affecting the behavior of a pile-soil system probably hun- 
dreds of such pile tests would be required for a general solution. Further- 
more, such tests fail to indicate maximum stresses in the pile. In view of the 
meager understanding of the problem at the present time, it seems much 
more logical to concentrate first on fundamental relationships. This requires 
measurement of soil resistance and pile deflection at various depths for 
comparison with soil characteristics determined by laboratory tests. 
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3. Reese, L. C., and Matlock, Hudson, “Non-Dimensional Solutions for Later- 
ally Loaded Piles with Soil Modulus Assumed Proportional to Depth.” 
Paper presented at Eighth Texas Conference on Soil Mechanics and 
Foundation Engineering, Sept. 15, 1956. 

* Associate Prof. of Civ. Eng., Univ. of Texas, Austin, Tex. 
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It would be highly desirable to make direct measurements of the soil re- 
sistance per unit length of the pile. Pressure cells fail to yield this quaniity 
because in general their sensitive areas are limited. At each measuring sta- 
tion the entire perimeter of the pile would have to be fitted with such pres- 
sure cells and, even then, the determination of the total force component 
opposite to the direction of movement of the pile would be hopelessly complex. 

A number of methods are available for more or less direct determination 
of pile deflection or slope as a function of depth. Attempts to obtain soil re- 
action values from deflection or slope measurements alone are doomed to 
failure because the attainment of reasonable accuracy and resolution (with 
respect to depth) in soil resistance values would require phenomenal pre- 
cision in the original measurements. This is due, of course, to the loss in 
accuracy which would arise from the three or four differentiations necessary. 

Even the method of using strain gages suffers from the faci that measure- 
ments of moment by the gages must be differentiated twice to yield soil re- 
sistance distributions along the pile. There is no problem in obtaining accu- 
rate values of deflection because integration tends to smooth out errors in 
individual values of moment. Al! that is required is that there be a well- 
established reference tangent somewhere along the pile to serve as a datum 
for the integrations. 

To evaluate the order of precision required in values of moment, let it be 
assumed that a soil modulus E, exists which varies in simple proportion to 
depth x, such that Eg = kx. The following data will also be assumed: 


k = 15 kips/inch2 
length of pile = 600 inches (50 feet) 
EI of pile 11.66 x 106 kip-in.2 


16.67 kips 


A non-dimensional solution, * based on a 100-point difference-equation 
solution, has been used to calculate “exact” values of moment at several 
depths in the vicinity of the maximum moment. These are tabulated below: 


lateral thrust applied at the mud line 


Depth, x Moment, M 

(inches) (inch-kips) 
54 692.68 
60 -- 
66 751.65 
72 767.01 
84 771.74 
90 762.36 
96 -- 
102 723.73 
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The value of soil resistance at the central depth (78 in.) is computed from 
non-dimensional solutions to be 0.230 kips per inch of pile length. This 
could be obtained from the tabulation above by the method of divided 
differences. 

One method which has been used to compute soil resistance values from 
experimentally determined moment values is illustrated in Fig. 1. It con- 
sists, in effect, of fitting a cubic polynomial by least squares to successive 
sets of 5 equally-spaced points, and then differentiating this polynomial at the 
central point. This introduces a mild degree of smoothing to reduce the ef- 
fect of experimental error. 

With the tabulation of “exact” moments, it is possible to investigate the 
effect on soil resistance values of an error in one of the values of moment. 
If the mament at the 78-inch depth is assumed to be in error by one percent 
(7.74 inch kips), the following tabulation of variations in calculated soil re- 
sistance at the 78-inch depth are obtained: 


Method Spacing Variation in Variation from 
Calculated Soil "exact" value 
Resistance 
(in.) kips/in. 
Divided 6 0.429 187% 
differences 12 0.109 47% 
Least squares, ) 6 0.0613 27% 
5-point cubic ) 12 0.0155 1% 


These results indicate that, even with some smoothing, errors in soil resist- 
ance values are relatively much greater than errors in moments. Also, the 
effect of spacing is illustrated. It is possible to obtain more reliable average 
values by increasing spacing but only by sacrificing resolution or the ability 
to distinguish the effects of individual soil layers. Graphical differentiation 
offers no improvement; second derivatives obtained graphically are greatly 
affected by human error and judgment and can serve only to give a very 
general idea of the soil resistance distribution. 

Regardless of the methods used for data reduction, extreme care must be 
taken to achieve maximum accuracy in the strain-gage data. This means that 
in lieu of using nominal gage constants and calculated section properties, it 
is necessary to calibrate the pile and indicating instruments with known mo- 
ments applied. Furthermore, the gages selected should exhibit a minimum of 
creep and hysteresis, they must be waterproofed much more thoroughly than 
in ordinary practice, and special circuits must be used to attain maximum 
stability. 

The validity of the strain-gage method has been established recently in an 
extensive series of lateral-load tests on an instrumented pile.* While all of 
the test results are not available for publication, a sample set of results from 
one loading is given in Fig. 2. The 12-inch diameter pipe pile had an 


* Matlock, Hudson, and E. A. Ripperger, “Procedures and Instrumentation 


for Tests on a Laterally-Loaded Pile,” a paper presented at the Eighth 
Texas Conference on Soil Mechanics and Foundation Engineering, The 
University of Texas, September 1956. 
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imbedded length of 42 feet with gage station spacings varying from 6 inches 
near the top to 4 feet in the lower portion. The pile was loaded with a hori- 
zontal thrust at the mud line. An individual calibration constant was ob- 
tained for each gage station by subjecting the pile to precisely known mo- 
ments. Duplication to 0.1% or better was attained. The moment values 
plotted in the figure are those obtained directly from the strain gage readings 
multiplied by the calibration constants. 

Pile deflection and soil resistance curves computed from the moment data 
are also shown in the figure. The soil resistance values were obtained with 
the least-squares, 5-point cubic fit previously discussed in connection with 
Fig. 1. In the zone of 6-inch gage spacings near the top of the pile two inde- 
pendent sets of calculations were made, using alternate sets of gages at 12- 
inch spacing. These are indicated in the figure by distinguishing symbols for 
the plotted points. The agreement in this zone indicates the degree of reli- 
ability in the results. 
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Discussion of 
“GENERAL ASPECTS OF CEMENT GROUTING” 


by V. L. Minear 
(Proc. Paper 1145) 


A. WARREN SIMONDS,! M. ASCE.—In the construction of dams, the pur- 
pose of foundation grouting is to improve the physical and structural condi- 
tions encountered underground. Cement grouting has been used successfully 
in many cases but it is not always applicable for correcting some foundation 
defects. For example where a dam site contains a large fault zone filled with 
broken rock, gouge, or debris which can not be removed readily by washing, 
the defective area should be opened by excavating and then filled with con- 
crete. In some cases where such an open cut excavation would delay the con- 
tractor’s construction program, placement of concrete above the defective 
area has been resorted to, and material in the fault has been removed by 
mining methods. This procedure is costly but in regions where there is a 
short working season, it may prove desirable when the overall construction 
program is considered. If, however, the fault zone can be cleaned adequately 
by washing methods, cement grouting may be used successfully for solidify- 
ing the zone and may be less costly than excavating and backfilling with 
concrete. 

Consideration should be given also to the effect of foundation defects on 
the completed structure. lf a defective zone is found in the foundation during 
the period of excavation through which serious leakage might develop, such a 
defect should be corrected. The selection of the method to be used becomes 
a problem of economics, whether to use excavation with a concrete backfill 
or a grouted cutoff. If the latter is selected and large voids are encountered, 
the cost of grouting materials can be reduced by the use of various filler 
materials in the grout mixture such as sand, clay, rock flour or similar ma- 
terials with bulking properties. 

Adequate exploration of the foundation of most dam sites prior to con- 
struction has been done only occasionally. During the process of establishing 
a grouted cutoff, each hole drilled will yield some information as to the 
characteristics of the foundation in that immediate area. However the struc- 
tural conditions of the foundation may change abruptly within a short distance 
so that it becomes necessary to alter the grouting procedure, otherwise a 
plugged hole, or a partially grouted hole, or an excessive waste of grouting 
materials may result. The example of the distribution of the quantities of 
cement injected into the foundation of Philpot Dam serves as an adequate 
illustration of non uniform conditions frequently encountered. 

In the construction of dams, engineering opinion is divided as to whether 
the use of hired labor or by contract is the best practice for performing the 
foundation drilling and grouting as the author points out. The work is highly 
specialized both as to personnel and equipment requirements. In some cases 
the work can be done to advantage by the owner using his own equipment and 


1. Structural Engr., Bureau of Reclamation, U. S. Dept. of the Interior, 
Denver, Colo. 
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hired labor provided the equipment is adequate and the personnel is experi- 
enced. If such is not the case, an experienced contractor that is adequately 
equipped may be abie to perform the drilling and grouting more economical- 
ly. One of the greatest difficulties in procedure arises when the work has 
been turned over by the general contractor to an inexperienced sub- 
contractor when the latter is operating at a financial loss. This arrangement 
results in a skimpy job and poor workmanship, accompanied by numerous 
arguments and frequently hard feelings. When the work is done under sepa- 
rate contract which is usually awarded to the lowest bidder, the owner should 
realize that the lowest bidder may not be able to produce the best job and 
that there may be need for additional grouting at some future time which add 
to the cost of grouting. 

The field operations at any dam site should be kept sufficiently flexible so 
that the grouting procedure can be varied as required. To set up a fixed 
routine to be followed with out regard to the geological and structural condi- 
tions encountered will result in “going through the motions” of grouting with- 
out producing adequate results. For example a foundation where the fissures 
are filled with silty materials, may be washed readily. There may be cracks 
also which are filled with clay having bentonitic properties. Any washing or 
pumping water into this type of foundation will tend to make it tighter and will 
render the injection of grout difficult. 

In injecting cement grout into a foundation, the pressures used should be 
limited to those which will not damage the foundation by upheavel or by 
cracking. The widely used rule of thumb that the pressure shall not exceed 
one pound per foot of depth plus one pound per foot of dam in place above the 
hole is safe for most foundations. However, it may be ultra conservative for 
some foundations which are comprised of structurally strong rock because 
advantage is not taken of such strength. 

The application of pressure as described relates chiefly to grouting with a 
piston type pump using a supply line connected directly to the collar of the 
hole. Such an arrangement is flexible, and if the grout pump is operated by 
compressed air, pressures on the grout can be regulated by operating the 
throttle of the pump. There is an increasing tendency at present to use 
pumps driven by internal combustion engines or electric motors which supply 
grout to the hole by means of a circulating supply piping system. In such 
cases the pumps are operated at a fairly constant speed and the pressure is 
regulated by manipulating the valves on the piping system. Such an arrange- 
ment is advantageous in grouting holes where the rate of injection of the 
grout is slow. It permits the pumps to be operated at a reasonable speed so 
that the velocity of the grout is sufficient to minimize the tendency of the 
cement to settle within the chambers of the pump or the supply lines. Wear 
on the pistons and valves of the pump is reduced but the wear is concentrated 
on the valve controlling the return flow through the piping system. This 
valve may be cut out by the abrasive action of the grout stream. In setting up 
the piping system provision should be made for a quick replacement of the 
control valves to avoid unnecessary delays 

In regard to the consistency of the grout and the maximum particle size, 
no mention is made of the effect of the possible differences of foundation con- 
ditions. For example, consider the water cement ratio of neat cement grout 
needed for grouting an open fissure having a width in the order of 1/16 inch. 
If such a fissure is penetrated by a grout hole drilled in dry ground as is en- 
countered frequently high on the abutments of a dam, a fairly thin grout 
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mixture will be required for the initial injection because the foundation will 
soak up considerable water. The use of a thick grout under these conditions 
will usually result in plugging the grout hole prematurely and while the in- 
spector’s record of grouting this hole may bear the notation “grouted to re- 
fusal,” such may not be the case. If a fissure of the same width is en- 
countered in a wet area of the foundation, a thicker grout can be used, and if 
by chance a flow of water should be encountered a still thicker grout can be 
used. Unless a flow of water is encountered, it is considered good practice 
normally to start the injection of grout with a thin mixture and to thicken it 
progressively as required. 

Concerning the maximum particle size, it can be stated that in general, the 
finer the cement, the better it is for grouting small fissures. Cores obtained 
from holes drilled in grouted areas have shown that fissures having widths of 
about 0.02 inch have been grouted successfully. A decade ago special grinds 
of cement finer than No. 100 U. S. Standard Sieve were produced for difficult 
grouting jobs and showed their superiority over the average cements avail- 
able at that time. At present many cement mills equipped with air separators 
produce excellent cements for grouting in that these cements are free from 
coarse particles of unground clinker and tramp iron. 

The production of a finely ground cement at the mill is not the only factor 
involved in obtaining a satisfactory grouting cement. It should be protected 
adequately in shipment, storage and delivery to the job. Paper bags have 
proved their superiority to cloth bags where there is considerable dampness. 
Cement which has been held in storage for extensive periods of time and has 
become lumpy, should be avoided. Furthermore, when sacks are accidentally 
broken in handling and their contents spilled on the ground or floors of build- 
ings, such cement should not be scooped up and used, particularly where fine 
fissures are to be grouted. 

The author is to be commended for his presentation of his views on the 
general aspects of pressure grouting. This subject is a broad one and it is 
only by experience that much information pertaining thereto can be acquired. 
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Discussion of 
“FRICTIONAL RESISTANCE OF STEEL H-PILING IN CLAY” 


by Eben Vey 
(Proc. Paper 1160) 


T. H. WU,* J.M. ASCE.—In the study of the frictional resistance of piles 
in clay, the value of large scale field measurements cannot be overempha- 
sized and Professor Vey’s article is indeed a welcome contribution. The in- 
vestigation yielded a wealth of information and the writer wishes to venture 
a few comments based on his analysis of the data. 

From the strain gage readings it is possible to compute the distribution 
of load along the length of the pile. Figure 1 shows the load distribution un- 
der each load increment of the initial cycle as determined from the values 
given in Figures 14 to 18 of the article. It was assumed that no load was 
transmitted from pile to soil between depths 0 and 10 ft. The load distribu- 
tion plot conveys a general picture of the shear stresses between the pile and 
soil. It is important to point out that despite minor variations, the shape of 
the load distribution curves underwent no significant change after the applied 
load exceeded 80 tons. This fact is illustrated even more clearly in Figure 2 
in which the total load transferred by friction is plotted against the applied 
load. When the applied load was increased beyond 80 tons there was little 
additional increase in the transferred load. This leads the writer to feel that 
the load transferred from pile to soil can be best represented by the average 
strain-gage readings of the last eight load increments rather than by the 
peak values. 

It is hoped that Professor Vey will publish the results of his laboratory 
experiments on friction between steel and clay as little is known concerning 
this problem. The writer is not at all certain that shear stresses are effec- 
tive only along lines connecting the edges of the flanges as has been assumed 
by the author. This certainly represents an extreme condition and the other 
extreme is to assume that the shear stress acts over the entire perimeter of 
the pile. The real situation should be somewhere between the two. The 
writer has computed the shear stresses for these extreme conditions using 
the average transferred load for the last eight load increments and the results 
are plotted in Figure 3. The unconfined compressive strengths of remolded 
samples are also shown in the figure. From 10 to 55 ft. it appears that the 
agreement between the computed shear stress and the shear strength of re- 
molded specimens is quite satisfactory. Beyond 55 ft. the strength of re- 
molded specimens becomes somewhat uncertain. The writer is therefore, of 
the opinion that the friction between pile and clzy is close to the shear 
strength of remolded clay, especially between depths of 10 and 25 ft. where 
the clay is quite sensitive to remolding. 

It will also be interesting to know if any data was obtained in regard to 
changes in the pile load distribution with time. 


* Asst. Prof. of Civ. Eng., Michigan State Univ., East Lansing, Mich. 
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SUBSURFACE EXPLORATIONS IN ARCTIC REGIONS 


Undisturbed Cores of Coarse-grained Soils 


Dr. M. J. Hvorslev, permanent consultant to the Soil Division at the Water- 
ways Experiment Station, Vicksburg, Mississippi, reports the following: 

In many subsurface explorations in arctic regions it is very important to 
obtain undisturbed cores of the frozen soil in order to determine the ice con- 
tent of the soil and particularly the presence of segregated ice and ice layers 
or lenses. The melting of such ice, upon a change in the thermal regime by 
excavations or structures, may cause destructive slides and settlements. Un- 
disturbed cores of frozen fine-grained soils, including peat and ice but not 
coarse-grained soils, have been obtained by several organizations. Core 
drilling experiments in frozen coarse-grained soils were conducted by the 
Waterways Experiment Station near Thule, Greenland, during the summer of 
1956. Double tube core barrels with swivel head and special diamond bits 
were used, and the wash water was cooled to -2° by addition of snow and com- 
mon salt. Excellent cores were obtained of very coarse glacial till, consist- 
ing of boulders, cobbles, gravel, and sand with occasional layers of silt and 
ice. Some breakage and loss of cores was experienced in the upper strata, 
but 100 per cent recovery and perfect cores were obtained below a depth of 
10 to 15 ft., where the temperature of the soil was below -90C. It is hoped 
that the experiments may be continued in order to improve the quality of cores 
from the upper strata. Additional difficulties will be encountered in subarctic 
regions, where the temperature of the frozen soil is higher and its strength 
lower, and where the permafrost may be interspersed with taliks or strata of 
unfrozen soil. 


Core Drilling in Ice in Greenland 


Mr. W. K. Boyd, Chief, Frozen Ground Applied Research Branch, Snow Ice 
and Permafrost Research Establishment, has sent along this summary of work 
done on the Greenland Ice Cap during the summer of 1956: 

Continuation of studies by SIPRE and other Corps of Engineers agencies of 
the Greenland Ice Cap required that continuous cores, 4" in diameter, be pro- 
cyred to depths of 1000’ - 2000’. Initial attempts were made in the interior of 
the continent at an elevation of 7000', where the cap had a thickness of 6800' 
and an isothermal temperature of -11°F. 

A standard Failing Model 1500 Drill Rig was modified by the addition of a 
38' mast so that 20' core barrels could be used. Compressed air was chosen 
as a drilling fluid and the mud pump was removed. Air was supplied by two 
315 Cfm, diesel driven reciprocating compressors. The heat of compression 
was removed in an air to air heat exchanger, which utilized the ambient air as 
a coolant. A 2-3/8" API Internal Flush drill pipe having a bore of 1-3/4" 
was used to minimize the pressure drop in the long string of tools. The pres- 
sure drop in the standard D.C.D.M.A. 4" x 5-1/2" core barrels was also re- 
duced by enlargement of the annulus between the inner and outer tubes. Bot- 
tom discharge bits of fairly soft steel were designed with from four to twelve 
cutting teeth having various angles of attack and tooth shapes. The 5-1/2"' OD 
of the standard bit was enlarged to 5-3/4" for a larger annulus to allow for 
the passage of larger chips. Several core catchers of special and various de- 
sign were obtained for test. 

Casing was drilled in to a depth of 150' to prevent the loss of air to the 
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permeable snow of the upper zone. A sludge barrel was found necessary to 
prevent the larger cuttings from forming a collar just above the core barrel 
and sticking the tools in the hole. Rapidly increasing density and hardness of 
the upper 300' caused some difficulty in adjusting the proper tension in the 
lifter springs and fingers. Below that depth, a somewhat modified spring type 
lifter was uniformly successful. 

Continuous coring was accomplished to 1000'; however, the core was often 
strained so badly as to be useless. Since the amount of strain varied roughly 
with the depth, it is tentatively assumed that strain results from the relative- 
ly rapid relief of the overburden load. It appears that a very uniform rate of 
advance and bits affording smooth cutting action may offer partial solution to 
this problem. Since the air cooling system could only furnish air cooled to 
within a few degrees of the ambient air temperature (+i0°F to +25°F), it is 
also possible that thermal shock may have caused some of the strain. 


Hand Operated Ice Coring Augur and Core Drilling in Fine Grained Soils 


The Arctic Construction and Frost Effects Laboratory of the Corps of 
Engineers, U. S. Army, has in:the course of its cold regions investigations 
over more than 10 years made a number of studies to improve methods of 
subsurface exploration to those areas. 

One of these was the development of the FEL (Frost Effects Laboratory) 
ice coring augur. With this light-weight, hand-operated device, it is possible 
for one man to drill holes through many feet of ice or glacier snow relatively 
rapidly and without excessive effort, and to simultaneously recover excellent 
cores. Although intended primarily for relatively shallow drilling, holes have 
been drilled to as deep as 107 feet, with aid of a tripod for raising and lower- 
ing the rods. Many of these augurs have been built by others in the last 
several years, with various modifications. 

Experiments have also been made with core drilling of fine-grained frozen 
soils. 

Drive sampling of frozen ground has been found quite successful in clays, 
silts and fine sand at soil temperatures within a few degrees of freezing. Ex- 
periments have been performed with drive tubes of various wall thicknesses, 
types of steel and cutting edges. Experiments with various samplers, some 
produced commercially and others of special design, are in progress. One 
hope of these experiments is the development of light-weight hand-operated 
drive sampling equipment which will permit recovery of samples of frozen 
fine-grained soils to relatively shallow depths at outlying locations difficult of 
access, where heavier equipment cannot be brought. 


RECENT NEWS FROM THE HARVARD SOIL MECHANICS DEPARTMENT 


Several recent visitors to Harvard who have studied soil mechanics at that 
school, reported interesting developments. Following up a suggestion, the 
Editor wrote to Professor Casagrande for further information, and here is 
what he writes:— 


I agree that it is about time that the “News Letter” should also report on 
developments in soil mechanics at Harvard. Whether I am competent to fulfill 
also your request to enliven my account with some interesting bits of gossip, I 
doubt. One of my colleagues once remarked that the grapevine does not seem 
to grow across the threshold of my office. But I will try not to make this 
account too dry. 


\ 


‘ 
| 
| : 
{ 
2 
Ray 
ail 
wes 
A 
| 


1957-8--4 SM 2 April, 1957 


To begin with, a dream of mine has come true. The soil mechanics 
laboratories and offices which were scattered over four floors in Pierce Hall 
are now well centralized in the reconstructed and modernized north wing of 
Pierce Hall. The new lay-out is especially designed for our needs, and no 
expense was spared to fulfill our requirements. When the equipment is fully 
installed, we will have something that we can be proud to show to visitors, not 
only because it will look good, but because it will really assure the physical 
requirements for efficient performance of all our activities. 

All new space is now on two floors and connected for convenience by two 
new stairways. The upper floor, slightly above ground level, has a suite of 
seven offices and one conference and seminar room, all with northern expo- 
sure. All these rooms are connected by a wide corridor lined with library 
shelves on both sides, and forming a much-needed research library. On the 
other side of this library-corridor, connecting with two sliding doors, *_ the 
student laboratory; a long room lined with laboratory benches and equipped 
for the performance of all classification tests. With a blackboard at one end, 
it will also serve as lecture room, chiefly for lectures and demonstrations in 
the laboratory course. 

Directly underlying this laboratory and all office space is a large basement 
laboratory which contains all heavy testing equipment that was previously 
scattered over several small laboratories. This lower laboratory has no 
windows, and because of its underground location it will be possible to main- 
tain practically constant temperature. In addition, this room is free of any 
disturbing vibrations. To be able to run all consolidation and strength tests 
and particularly special research projects under such favorable conditions is 
an important asset of our new facilities. From this laboratory there is a 
direct access to a new humid room which, in addition to storage, is fully 
equipped for preparation of test specimens. In addition, it will be suitable for 
performance of tests in a humid atmosphere. This humid room connects to 
our old humid room which will now serve primarily as a sample storage area. 
Finally, there is a fair size room with double height, accessible from the 
main laboratory as well as through the humid rooms. Part of this room is 
being equipped with shelves, to serve as storage room for our large collection 
of dry samples that forms the bulk of materials used in our soil identification 
exercises. In addition, this room will contain our sample tube cutting ma- 
chine and our various machine tools, so that it will serve as a general work- 
shop. Our old dark room will also be rebuilt in this area. 

Already now our visitors, and particularly our former students and others 
who have known our “well dispersed” laboratories, are even more enthusias- 
tic about these achievements than Iam. If my own enthusiasm is somewhat 
dampened, it is due to the realization that with the small amount of available 
man power it will still be some time before everything will be in working 
order. And with that comment I am led to a discussion of changes in our staff. 

We are no exception to the difficult problem that engineering education is 
facing today, namely how to maintain a sufficient staff for teaching and re- 
search. In particular, Professor Terzaghi’s retirement has created a serious 
situation. Over the years, Professor Terzaghi has developed his two courses, 
Engineering Geology and Applied Soil Mechanics, to a major part of our soil 
mechanics curriculum; and he continued to give these courses for many years 
past the normal retirement age. Now, at the age of 73, he has certainly 
earned the right to leave the time-consuming and strenuous task of teaching 
formal courses to younger men. He has reduced his teaching activities to 
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occasional lectures at the University of Dlinois and at M.I.T., and to support- 
ing our courses with lectures on topics of special interest to him. Also, he 
is in other ways lending us a guiding hand in the continuation of the courses 
which had been identified with his name for so many years. But most of his 
time is now devoted to writing and to a few large consulting projects. Since 
these projects are scattered over the world, his extensive air travels have 
recently included several “hops” between California and Europe via the polar 
route! May I add here, for the advice of visitors who wish to call on Profes- 
sor Terzaghi, that you will not find him in one of our new offices in the soil 
mechanics wing, but still on the third floor of Pierce Hall in the same office 
which he has occupied since 1938. I suspect that in declining our offer to 
move into a more elegent office, he had in mind that he might be located all 
too conveniently to the other members of the soil mechanics staff and our 
students, and that this might result in too many interruptions of his work. 

Upon recommendation by Professor Terzaghi, his course on Applied Soil 
Mechanics is now taught by Dr. Leo Casagrande who has been appointed visit- 
ing professor. The course on Engineering Geology is given by Mr. Walter 
Ferris together with Mrs. Terzaghi who has been assisting her husband in 
preceding years in this course. Dr. Ruth Terzaghi is known for her work in 
geology and concrete. Mr. Ferris, who joined our staff as instructur almost 
three years ago, is the successor in a line of instructors that included during 
the past 25 years the following well-known names: Philip C. Rutledge (’33- 
37), Ralph E. Fadum (’37-43), Harry B. Seed (’47-48), and Stanley D. Wilson 
(’48-52). 

We are still continuing to concentrate most of our research efforts on the 
stress-deformation and strength properties of soils. Judging from the many 
new questions that are opened up whenever we have found an answer to one 
that has troubled us, this area of research endeavor will be with us for a long 
time. Much water has seeped through and beneath the earth dams for which 
so much of these efforts have been expended since 1930 when, stimulated by 
my visit to European laboratories in 1929, I returned to my work at M.".T. 
with ideas for a new shear apparatus, and also’for a triaxial apparatus in 
which to my knowledge we carried out in 1930/31 the first triaxial tests on 
soils. At that time I had laid out for myself a comprehensive program of re- 
search which would give us the answer to all questions on shear strength of 
soils in a period of about five years. What an optimist I was! 

At present James V. Parcher (Associate Professor at Oklahoma A. & M. 
College, on leave), is well advanced on his doctoral research on the factors 
that cause pore pressure build-up in clays and its effects on their strength. 

It is a piece of work that I will proudly add to the preceding doctoral theses. 

Since 1953 we have been engaged in a research project for the Bureau of 
Yards and Docks on electro-osmotic stabilization of soils. This work is un- 
der the direction of Leo Casagrande who has originated this modern tool of 
foundation engineering. The present investigation has succeeded in clarifying 
fundamental aspects of the stabilizing effects resulting from the application 
of direct current to fine-grained soils. 

While commenting on research in progress, I should also mention that our 
department of Metallurgy has made an important contribution to soil mechan- 
ics by developing a rational explanation for the mechanics of the growth of 
ice layers in fine-grained soils. This work, under the direction of Professor 
B. Chalmers, has resulted from the application to this phenomenon of the 
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most recent results on the solidification of metals. Stating this finding very 
briefly, it has been discovered that if the radius of curvature of the surface 
of a solid, such as ice, is very small, then it must be considerably super- 
cooled in order that it will not melt, or that further freezing will occur. 
Many kinds of soil particles have the property that a very thin film of water 
persists between the particle and ice even when the temperature is well be- 
low the freezing point. Freezing, therefore, will not propagate through very 
fine pores in soil, unless the temperature is well below the freezing point; 
water can, however, pass through the pores and freeze into the ice that has 
formed already; this causes the build-up of the ice lenses by water that 
comes up from below to replace that which freezes onto the relatively flat 
lower surface of the lens. 

In closing, I should like to come back to the development of our research 
library mentioned before. Today many major contributions are becoming 
available in the form of reports which require better attention as to classifi- 
cation and availability than can be expected in a general engineering library. 
In fact, much of this material exists only in a small number of copies, so 
that even specialists are finding it sometimes difficult to acquire such refer- 
ence material. The amount of such material has increased enormously dur- 
ing the past decade. In order to make such material properly available to 
staff and graduate students engaged in research, I consider it essential that 
it be collected and indexed in a research library that is separate from a 
general engineering library. A special feature of this library will be a col- 
lection of selected reports by leading consulting engineers in this field. Pro- 
fessor Terzaghi leads the list of individuals and firms who have made or have 
promised carefully selected contributions of this type. Study of such reports 
in the form of reading courses should prove most instructive, with the in- 
cidental benefit of teaching the writing of good reports. 


SOIL MECHANICS IN OFFSHORE ENGINEERING 


As reported in the last issue of the Newsletter, the University of Texas 
Institute for Advanced Engineering conducted a graduate course entitled “Soil 
Mechanics in Offshore Engineering,” which was attended by 26 engineers from 
various oil companies, sulphur companies, steel companies, pipe line com- 
panies, and specialists in soil engineering work. A complete report of this 
meeting has been received from Professor R. F. Dawson. 

The course extended from August 27 through September 15, and consisted 
of lectures, laboratory work and demonstrations on subjects ranging from the 
physical properties of soil, the engineering characteristics of soil, explora- 
tion and sampling, erosion around submerged structures, and laterally loaded 
piles and mobile drilling units. 

The faculty for the course was made up primarily of members of the Uni- 
versity of Texas faculty, although two outside engineers were brought in for 
special lectures. The faculty consisted of Dr. Lymon C. Reese, Assistant 
Professor of Civil Engineering, Mr. Frank G. Bryant, Assistant Professor of 
Civil Engineering, Mr. Raymond F. Dawson, Professor of Civil Engineering; 
Dr. Walter L. Moore, Professor of Civil Engineering; Mr. Hudson Matlock, 
Associate Professor of Civil Engineering; and Mr. John A. Focht, Jr., and 
Mr. R. L. Perkins, engineers with McClelland Engineers of Houston. 

The students were very enthusiastic about the course and requested that it 
be repeated at a later date. During the entire three weeks period the course 
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consisted of two lectures each morning, the first running from 8:30 to 10:00, 
the second from 10:30 to 12:00, on various subjects covered in the course. 

In the afternoon the time was devoted to laboratory work, field investigations, 
demonstrations of principles related to field, and special computations. 

At the close of the course the Eighth Texas Conference on Soil Mechanics 
and Foundation Engineering was held. This conference was directed prima- 
rily to offshore engineering, with special emphasis on problems in the Gulf 
of Mexico caused by the very soft soil that occurs in that area. 

Over 130 engineers from all sections of the country attended this confer- 
ence and were most enthusiastic about the lectures that were given. 

The first lecture was by Dr. H. N. Fisk, Chief of Geological Research of 
Humble Oil and Refining Company, who spoke on “Near Surface Sediments of 
the Continental Shelf Off Louisiana.” This was followed by Mr. Bramlette 
McClelland cf McClelland Engineers, Houston, Texas, who spoke on “Engi- 
neering Properties of Soil in the Gulf of Mexico,” thus giving both the geo- 
logical and engineering aspects of the soils in the Gulf of Mexico. 

Friday afternoon Dr. Karl Terzaghi, Professor of the Practice of Civil 
Engineering, Harvard University, and internationally known authority on soil 
mechanics, spoke on “Submarine Slope Failures.” This was followed by a 
talk on *Procedures and Instrumentation for Tests on a Laterally Loaded 
Pile,” by Mr. Hudson Matlock, Associate Professor of Civil Engineering, and 
Dr. E. A. Ripperger, Associate Professor of Engineering Mechanics, at the 
University of Texas. 

Friday evening Dr. Phillip C. Rutledge of Moran, Proctor, Mueser & 
Rutledge Consulting Engineers of New York City, spoke on “Design of the 
Texas Towers Offshore Radar Stations” which have been and are being 
erected off the northeast coast of the United States. Dr. Rutledge’s talk was 
followed by a movie on the “Construction of Texas Tower TT-2.” 

On Saturday morning, Dr. Nathan M. Newmark, Head of the Department of 
Civil Engineering at the University of Dlinois, spoke on “The Effect of Dy- 
namic Loads on Offshore Structures,” a talk which was most beneficial to the 
designers of these structures. This was followed by “Non-Dimensional Solu- 
tion for Laterally Loaded Piles With Soil Modulus Assumed Proportional to 
Depth” by Dr. Lymon C. Reese, Assistant Professor of Civil Engineering and 
Mr. Hudson Matlock, Associate Professor of Civil Engineering, at the Uni- 
versity of Texas. 

The address of welcome was given by W. R. Woolrich, Dean of the College 
of Engineering and Director of the Bureau of Engineering Research. S. W. 
Oberg, Chief Civil Engineer of Humble Oil & Refining Company, presided at 
the first session. Other presiding officers were John M. Payne, Chief De- 
velopment Engineer of the California Company, and Mr. Raymond F. Dawson, 
Professor of Civil Engineering of the University of Texas. 

Plans for both the graduate course and the conference were developed in 
the Bureau of Engineering Research under the energetic leadership of Profes- 
sor Raymond F. Dawson, Associate Director of the Bureau. 

A limited number of copies of the proceedings of the conference will be 
available for sale at $5.00 each. For information of this, contact Professor 
Dawson. 
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“LANDSLIDES IN CLAY” 


by Alexandre Collin, 
translated by W. R., Schriever 


A NEW PUBLICATION OF MORE THAN PASSING INTEREST 


Your editor has in his hands a copy of a very interesting translation of a 
study of landslides in clay by a relatively unknown French engineer, 
Alexandre Collin. What makes this volume so interesting is that the original 
work was published in Paris in 1846. 

Alexandre Collin was born in northern France in 1808. After graduation 
from the Ecole Polytechnique in Paris he entered the Corps des Ponts & 
Chaussees and in 1833, when 25 years old, he was appointed to a junior post 
on works starting on the Canal De Bourgogne in the Cote D’or and two years 
later was promoted to Ingenieur and began to prepare notes for his memor- 
andum on slips in clay strata. The memorandum was ready in first draft in 
1840, and was examined by the council of the Ponts et Chaussees and the 
Academie des Sciences, but was finally published by Collin in 1846. 

Collin later became inspecteur general des Ponts et Chaussees and pub- 
lished several other books on engineering. 

Collin’s theories of landslides are remarkably close to those developed in 
recent years and he refers to practices in Soil Engineering which are gener- 
ally considered as modern developments. He presents valuable field data 
including surveys of shear surfaces on about 15 slips. He notes that these 
were deep rotational movements with a more or less cycloidal slip surface. 
He sees this type of failure as fundamental in clay slopes and concludes that 
the cause was inadequate shear sirength. 

Collin carried out the first shear tests on clay and demonstrated the great 
importance of water content to the strength of clay soils. His use and his ad- 
vocation of the inductive approach to the study of soil mechanics were unique 
in his generation. 

Mr. R. F. Legget, Director of the Division of Building Research, National 
Research Council, Canada, is mainly responsible for the appearance of this 
translation. It was he who tracked down the volume after finding an intrigu- 
ing and unexpected reference to the work, and it was he who inspired and 
assisted in its translation. 

Dr. A. W. Skempton, Professor of Soil Mechanics, in Imperial College, - 
University of London, contributes a valuable introduction analysing Collin’s 
work. 

W. R. Schriever is a member of the staff of the division of Building Re- 
search, National Research Council, Ottawa. Associated with him in the work 
of translation were J. P. Carrikre, R. F. Legget and D. H. MacDonald. 

The work is available from the University of Toronto Press. 


FOURTH INTERNATIONAL CONFERENCE OF SOIL 
MECHANICS AND FOUNDATION ENGINEERING 


The Fourth International Conference of Soil Mechanics and Foundation En- 
gineering will be held at the Institution of Civil Engineers, London England, 
from the 12th to the 24th of August, 1957. 

The purpose of the Fourth Conference is to establish once again 
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Soil Mechanics and Foundations Division 


opportunities for the discussion of common interests and problems between 


| specialists from all parts of the world and to further the spirit of co- s 
i operation created by the previous conferences, held at Cambridge, Massa- in 

| chusetts in 1936, Rotterdam in 1948, and Zurich in 1953. a 


The conference is arranged for members of the International Society of 
Soil Mechanics and Foundation Engineering. Anyone who is not a member of 
a national society, but is interested from standpoint of practical application, 
research or teaching is welcome to attend as a guest member. 

The first part of the conference will be held at the Institution of Civil En- 
gineers, in London, from Monday, 12 August, until Wednesday, 21 August, 
1957. During this period there will be nine technical sessions for the dis- 
cussion of the papers which have been presented. There will also be visits 
to laboratories, a conference tour in Kent, a reception and a banquet. 
Throughout this period a special program for ladies accompanying members 
and guests has been arranged. 

The second part of the conference will take the form of tours to one of the 
following: Scotland, South Wales, East Anglia or the Midlands. Each of these 
tours will start on Thursday, 22 August. 

Every effort has been made to give members and guests attending the 
Conference the opportunity to see not only works of interest in soil mechanics 
and foundation engineering, but also, the countryside and places of historic 
value. 

Those who are members of the United States Council on Soil Mechanics 
and Foundation Engineering will receive a copy of the bulletin # 2 of the 
Fourth International Conference containing a program and the necessary ap- 
plication material. They will also receive a list of accepted papers to be 
presented. Non council members can receive a copy of this material by 
writing to: 


Mr. John Lowe III, Secretary 

United States National Council on 

Soil Mechanics and Foundation Engineering 
Room # 400 

62 West 47th Street 

New York 36, New York 


Anyone interested in attending the conference is invited to request appli- 
cation forms from: 


The Secretary 
Fourth Conference ISSMFE 

c/o the Institution of Civil Engineers 
Great George Street 

London S. W. I, England 


The registration fee for the Conference is 17 pounds 10 shillings for mem- 


bers and guests. This fee will include one set of the Proceedings, entrance wall 7 

to all technical sessions, functions, receptions, and transportation on techni- a 
cal visits. Volumes 1 and 2 of the Proceedings of the Conference will not be ; woe 
7 issued until about June 1957. 


DISTINGUISHED VISITOR IN THE SAN FRANCISCO AREA 


Dr. D. H. Trollope, professor at the University of Melbourne in Australia, 
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and eminent in Australia in the field of soil mechanics is now on a sabbatical 
leave which he is spending in the United States. He will be engaged in re- | 
search at the University of California in Berkeley for approximately six at 
months. Following, he intends to visit other parts of the United States before g 
returning to the Continent. 


NEWS FROM SOIL ENGINEERING DIVISION 
DEPARTMENT OF CIVIL AND SANITARY ENGINEERING, M.I.T. 


Personnel 


Dr. Laurite Bjerrum, Director of the Norwegian Geotechnical Institute, 
Oslo, Norway, is at M.LT. as Visiting Professor in Soil Mechanics for the 
Spring Term, 1957. Dr. Bjerrum is giving a course on soil stability which 
includes a treatment of shear strength of fine grained soils. 

Dr. Robert Whitman, Assistant Professor, is back at the Institute after 
two years’ service in the Navy. 


Summer Course 


M.L.T. will present a Special Summer Program entitled “Soil Engineering 
in Frost Areas” from June 11 through June 21. This program will be under 
the direction of Professor T. W. Lambe of the Department of Civil and Sani- 
tary Engineering. Mornings will be devoted to lectures on the various topics, 
afternoons to discussion and occasional field trips and demonstrations. 

In general, the program will cover seasonal frost phenomena in soils, 
their causes and the control of their effects by soil engineering design and 
practice in Canada and the United States. 

Topics to be presented will include: mechanisms of glacial deposition, 
and the effects of glaciation processes on engineering properties of soil; 
fundamentals of heat flow through soils and methods of determining depths of 
frost penetration; soil-moisture freezing and theories concerning mechanism 
of frost heave; theoretical and experimental relationships between the proper- 
ties of unfrozen soils and temperature; effects of soil variables on frost sus- E, 
ceptibility; description of laboratory and field frost tests; frost problems and ae 
their solution in Canada; frost research conducted at the Canadian National | 
Research Council; frost problems associated with the design and construction : 
of highways in the United States; principles of design and construction of 
pavements, embankments, walls and foundations in frost areas; principles of 
soil stabilization; and the use of additives to modify frost susceptibility of 
soils. 

Among the members of the M.LT. staff who will participate in the program 
are the following: 


T. W. Lambe, in charge of Program 

T. J. Lambie, Research Assistant in Soil Mechanics 

R. T. Martin, Head of Soil Analysis Section of M.LT. Soil Stabilization 
Laboratory 

J. E. Roberts, Instructor in Soil Mechanics 

R. V. Whitman, Assistant Professor of Soil Mechanics 


Special guest lecturers will include: 


R. F. Legget, Director of Division of Building Research, National Research 
Council, Canada 
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K. E. Linell, Chief, Arctic Construction and Frost Effects Laboratory, 
U. S. Corps of Engineers, Boston 

G. W. McAlpin, Assistant Deputy Chief Engineer, State of New York De- 
partment of Public Works 

R. R. Philippe, Chief of Special Engineering Branch, Engineering Research 
and Development Division, U. S. Army 


More information on this program can be obtained by writing to the Sum- 
mer Sessions Office, M.I.T., Cambridge 39, Massachusetts. 


LOCAL SECTION NOTES 


Los Angeles 


The Los Angeles Section, ASCE, has a very active Soil Mechanics & 
Foundations group which holds five meetings annually. At their most recent 
meeting, the following officers were elected for the year 1957: 


Chairman Ernest Maag 
Vice Chairman Clarence J. Derrick 
Directors Robert J. Davis 

L. T. Evans 
Secretary-Treasurer Malcolm D. Horton 
Reporting Secretary Neill E. Parker 


San Francisco 


The Soil Mechanics & Foundations Division of the San Francisco Section 
likewise are an active group which meets on the average of four times a year. 
At a meeting held on the 29th of November, Mr. William Weber of the Mate- 
rials and Research Department of the California Division of Highways pre- 
sented a talk “Seagoing Highway” describing the Candlestick Point open water 
fill. The project consisted of placing uncompacted fill over soft “Bay Mud” 
and allowing the fill to settle to equilibrium by displacement of the mud. At 
various times the displacement was accelerated by overloading the fill or by 
blasting the underlying mud. Extensive settlements have taken place. 
Numerous small slides and failures occurred during the construction. This 
fill was placed as an experimental project, but as part of the Bayshore Free- 
way construction and will be the subject of a paper to be prepared by the Ma- 
terials & Research Department, California Division of Highways, at a later 
date. 

At a recent meeting held on 30 January, the Division heard a talk by Pro- 
fessor H. Bolton Seed of the University of California in Berkeley entitled 
“Soil Behavior Under Repeated Loading.” Professor Seed’s discussion was 
concerned with a resume of various investigations, including research at the 
University of California at Berkeley, illustrating the effects of repeated load- 
ing on the strength and deformation characteristics of soils. His talk was 
primarily concerned with repeated loading from the standpoint of highway 


traffic and pavement design. Professor Seed pointed out that no definite 7 
4 criteria have yet been established regarding the effect of repetitive loadings a) 
on soils, but that research is continuing at a number of universities. Preced- #1 as 


ing this meeting, officers for the coming year were elected as follows: 4 7 
Chairman Richard J. Woodward se 
Vice Chairman C. R. Graff o 
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COMMITTEE ACTIVITIES 


April, 1957 


Case Histories Requested by 
Engineering Geology Task Committees 


The Task Committees of the Committee on Engineering Geology are re- 
laying a call for assistance to the profession. One of the major projects of 
each of the Task Committees is the Collection of case histories concerning 
the object of each committee. The Task Committees are as follows: 


1. Products of Weathering of Bedrock and their Engineering Properties 
(Professor T. H. Thornburn, Chairman) 


2. Influence of Geological Factors on Tunnel Construction 
(Dr. A. B. Cleaves, Chairman) 


3. Nomenclature and Engineering Properties of Shales 
(Dr. S. S. Philbrick, Chairman) 


The fourth committee, Nomenclature and Engineering Properties of Rock 
under the chairmanship of Dr. R. C. Mielenz is particularly interested in 
data on stress and strain, porosity, and other purely physical properties of 
all types of rock with the exception of shale. 

It is hoped any members of the Society having case histories’ data applic- 
able to the work of any of the afore-mentioned committees will release it for 
committee use. All such information can be sent to the Executive Secretary 
of the Main Committee, William R. Judd, 1735 Bellaire, Denver 20, Colorado. 
Anyone interested in actively engaging in the work of any of these committees 
also should contact Mr. Judd. 


Committee on Glossary of Terms & Definitions 
in Soil Mechanics 


The Committee on Glossary of Terms and Definitions in Soil Mechanics 
reports the following activity via its chairman, R. E. Fadum: 

On January 11, 12 and 13, following the Highway Research Board meeting 
in Washington, a joint meeting of the ASCE Committee on Glossary of Terms 
and Definitions in Soil Mechanics and Subcommittee G-3 of ASTM Committee 
D-18 was held. 

This meeting was attended by Messrs. R. E. Fadum and S. R. Stearns rep- 
resenting ASCE and Messrs. C. R. Foster, L. A. Palmer, Harold Allen and 
E. A. Abdun-Nur representing ASTM. 

During this three-day meeting, success was achieved in reconciling vari- 
ous points that had been at issue and agreement was reached by joint commit- 
tee action on the list of terms, together with their definitions, to be compiled 
in a glossary to be submitted for endorsement by the American Society of 
Civil Engineers and the American Society for Testing Materials. 

The final report is now in the process of preparation. 


Committee on Grouting 


Your editor received the following report from Raymond E. Davis, Chair- 
man of the Administrative Committee on Grouting. 
During the past year the committee on grouting has been active. The re- 
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Chairman, is now in process of publication. The task committee on clay 
grouting, Stanley J. Johnson, Chairman, has completed the first draft of a 
report which is now in process of revision. A. Warren Simonds, Chairman 
of the task committee on cement grouting, is engaged in the preparation of 
the first draft of its report. 

At the October, 1956 meeting of the society in Pittsburgh, two sessions 
were devoted to a symposium on cement and clay grouting. The seven papers 
comprising this symposium, are now being reviewed by the Division Commit- 
tee on Publications. 

After several disappointing starts, the task committee on bituminous 
grouting, Otto Hoefler, chairman, is making progress with its assignment. 


Soil Mechanics and Foundation Division 


Committee on Clay Grouting 


Stanley J. Johnson, Chairman of the Committee of Clay Grouting, reports 
that the committee is now reviewing the preliminary draft.of the report which 
was prepared sometime ago and plans to revise the report on the basis of the 
comments made by the members and also on the basis of additional informa- 
tion which Dr. Wetter of Italy has advised me he is seuding in the near future. 
The report will also probably be revised in view of the papers which were 
presented at the Pittsburgh meeting. As you know, the Task Committee on 
clay and cement grouting sponsored two sessions on grouting at the ASCE 
meeting in Pittsburgh. Needless to say, the Committee will greatly welcome 
any additional information, especially regarding the design and control of 
grouting mixes and the use of admixtures. 


DIVISION MEETINGS PLANNED FOR BUFFALO CONVENTION 


Three sessions under the sponsorship of our division are being planned. 
These are scheduled for the morning and afternoon of June 3 and 4. One ses- 
sion is to be comprised of papers sponsored by our Committee on Earthdams, 
another of papers sponsored by our new Committee on Frost Action and 
Permafrost, and the third session will be a symposium on earthwork prob- 
lems encountered in the St. Lawrence.Seaway project. Incidentally, an in- 
spection trip from Buffalo to the seaway project is being arranged by the 
local committee. 


ACTIVITIES IN RELATED FiELDS 


Earthquake Forces 


At a meeting of the Structural Engineer Association of Northern California, 
which was held the 2nd of January, the Joint Building Code Committee of the 
San Francisco Section, American Society of Civil Engineers, and the Struc- 
tural Engineers Association of Northern California submitted a report on 
recommended changes to the Uniform Building Code dealing with “Earth- 
quake Forces. Considerable attention has been given by various committees 
in this area to developing Code requirements for handling earthquake forces 
including foundation design. Additional information can be obtained through 
either of the two participating societies. 
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Asphalt Paving Technology 


A preliminary announcement for a summer graduate program in Asphalt 
Paving Technology has been distributed by the Institute of Transportation 
and Traffic Engineering of the University of California. This program is be- 
ing planned for a period of eight weeks from June to August of 1957. It will 
be offered at Berkeley for college engineering instructors interested in this 
subject. Courses will include “Advance Study of Asphalts and Asphaltic Mix- 
tures” and “Analysis & Structural Design of Pavements.” Instructors will 
include members of the faculty of the College of Engineering and staff mem- 
bers of the Institute together with guest lecturers who are specialists in mat- 
ters pertaining to pavement design in highway and airport engineering. In 
quiries should be addressed to the Institute of Transportation and Traffic 
Engineering, University of California, Berkeley 4, California. Early inquiry 
is advisable. 


JULY NEWSLETTER 


Deadline date for arrival at this office of contributions for the July 
Newsletter: May 20, please. 


Bernard B. Gordon, Assistant Editor 
Porter, Urquhart, McCreary, and O’Brien 
1140 Howard Street 

San Francisco 3, California 


Alfred C. Ackenheil, Editor 
Department of Civil Engineering 
University of Pittsburgh 
Pittsburgh 13, Pennsylvania 
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PROCEEDINGS PAPERS 


The technical papers published ir. the past year are identified by number below. Technical- 
division sponsorship is indicated by an abbreviation at the end of each Paper Number, the 
symbols referring to; Air Transport (AT), City Planning (CP), Construction (CO), Engineering 
Mechanics (EM), Highway (HW), Hydraulics (HY), Irrigation and Drainage (IR), Power (PO), 
Sanitary Engineering (SA), Soil Mechanics and Foundations (SM), Structural (ST), Surveying and 
Mapping (SU), and Waterways and Harbors (WW) divisions. Papers sponsored by the Board of 
Direction are identified by the symbols (BD). For titles and order coupons, refer to the appro- 
priate issue of “Civil Engineering.” Beginning with Volume 82 (January 1956) papers were 
published in Journals of the various Technical Divisions. To locate papers in the Journals, the 
symbols after the paper numbers are followed bya numeral designating the issue of a particular 
Journal in which the paper appeared. For example, Paper 1113 is identified as 1113 (HY6) 
which indicates that the paper is contained in the sixth issue of the Jourzal of the Hydraulics 


Division during 1956. 
VOLUME 82 (1956) 


APRIL: 925(WW2), 926(WW2), 927(WW2), 928(SA2), 929(SA2), 930(SA2), 931(SA2), 932(SA2)°, 
933(SM2), 934(SM2), 935(WW2), 936(WW2), 937(WW2), 938(Ww2), 939(Ww2), 940(SMz2), 941 
(SM2), 942(SM2)°, 943(EM2), 944(EM2), 945(EM2), 946(EM2)°, 947(PO2), 948(PO2), 949(PO2), 
950(PO2), 951(PO2), 952(PO2)*, 953(HY2), 954(HY2), 955(HY2)°, 956(HY2), 957(HY2), 958 
(SA2), 959(PO2), 960(PO2). 

MAY: 961(IR2), 962(IR2), 963(C_P2), 964(CP2), 965(WW3), 966(WW3), 967(WW3), 968(WW3), 969 
(WW3), 970(ST3), 971(ST3), 972(ST3)©, 973(ST3), 974(ST3), 975(WWS3), 976(WW3), 977(IR2), 
978(AT2), 979(AT2), 980(AT2), 981(IR2), 982(IR2)°,983(HW2), 984(HW2), 985(HW2)°, 986(ST3), 
987(AT2), 988(C P2), 989(AT2). 


JUNE: 990(PO3), 991(PO3), 992(/PO3), 993(PO3), 994(PO3), 995(PO%), 996(PO3), 997(PO3), 998 
(SA3), 999(SA3), 1000(SA3), 1001(SA3), 1002(SA3), 1003(SA3)©, 1004(HY3), 1005(HY3), 1006 
(HY3), 1007(HY3), 1008 (HY3), 1009 (HY3), 1010 (HY3)©, 1011 (PO3)°, 1012 (SA3), 1013 (SA3), 
1014(SA3), 1015(HY3), 1016(SA3), 1017(PO3), 1018(PO3). 


JULY: 1019(ST4), 1020(ST4), 1021(ST4), 1022(ST4), 1023(ST4), 1024(ST4)°, 1025(SM3), 1026 
(SM3), 1027(SM3), 1028(SM3)¢, 1029(EM3), 1030(EM3), 1031(EM3), 1032(EM3), 1033(EM3)°. 


AUGUST: 1034(HY4), 1035(HY4), 1036(HY4), 1037(HY4), 1038(HY4), 1039(HY4), 1040(HY4), 
1041(HY4)©, 1042(PO4), 1043(PO4), 1044(PO4), 1045(PO4), 1046(P04)°, 1047(SA4), 1048 


(SA4)¢, 1049(SA4), 1050(SA4), 1051(SA4), 1052(HY4), 1053(SA4). 


SEPTEMBER: 1054(ST5), 105 5(STS5), 1056(ST5), 1057(ST5), 1058(ST5), 1059(WW4), 1060(WW4), 
1061(WW4), 1062(WW4), 1063(WW4), 1064(SU2), 1065(SU2), 1066(SU2)°, 1067(STS)°, 1068 
(ww4)°, 1069(ww4). 


OCTOBER: 1070(EM4), 1071(EM4), 1072(EM4), 1073(EM4), 1074(HW3), 1075(HW3), 1076(HW3), 
1077(HY5), 1078(SA5), 1079(SM4), 1080(SM4), 1081(SM4), 1082(HY5), 1083(SA5), 1784(SA5), 
1085(SA5), 1086(PO5), 1087(SA5), 1088(SAS), 1089(SA5), 1090(HW3), 1091(EM4)°, 1092 
(HYS)°, 1093(HW3)°, 1094(PO5)°, 1095 (sM4)°, 


NOVEMBER: 1096(ST6), 1097(STS), 1098(STS), 1099(ST6), L10(ST6), 1101(ST6), 1102(R3), 1103 
(IR3), 1104(1R3), OG(STS), 1O9(ATS), IO(AT3)°, 


DECEMBER: 1113(HY%;, 1114(HY6), 1115(SA6), 1116(SA6), 1117(SU3), 1118(8U3), 1119(WW5), 
1120(WW5), 112i;WW5), 1122(WW5), 1123(WW5), 1124(WW5)°, 1125(BD1)°, 1126(SA6), 1127 
(SA6), 1128(WW5), 1129(SA6)°, 1130(PO6)°, 1131(HY6)°, 1132(PO6), 1133(PO6), 1134(PO6), 
1135(BD1). 

VOLUME 83 (1957) 


JANUARY: 1136(CP1), 1137(CP1), 1138(EM1), 1139(EM1), 1140(EM1), 1141(EM1), 1142(SM1), 
1143(SM1), 1144(SM1), 1145(SM1), 1146(ST1), 1147(ST1), 1148(ST1), 1149(ST1), 1150(ST1), 
1151(ST1), 1152(CP1)©, 1153(9W1), 1154(eM1)°, 1155(SM1)°, 1156(ST1)°, 1157(EM1), 1158 
(EM1), 1159(SM1), 1160(SM1), 1161(SM1). 


FEBRUARY: 1162(HY1), 1163(HY1), 1164(HY1), 1165(HY1), 1166(HY1), 1167(HY1), 1168(SA1), 
1169(SA1), 1170(SA1), 1171(SA1), 1172(SA1), 1173(SA1), 1174(SA1), 1175(SA1), 1176(SA1), 
1178(SA1), 1179(SA1), 1180(SA1), 1181(SA1), 1182(PO1), 1183(POl), 1184(Po1), 
1185(PO1)°. 


MARCH: 1186(ST2), 1187(ST2), 1128(ST2), 1189(ST2), 1190(ST2), 1191(ST2), 1192(ST2)°, 2193 
(PL1), 1194(PL1), 1195(PL1). 

APRIL: 1196(EM2), 1197(HY2), 1198(HY2), 1199(HY2), 1200¢HY2), 1201(HY2), 1202(HY2), 1203 
(SA2), 1204(SM2), 1205(SM2), 1206(SM2), 1207(SM2), 1208(WW1), 1209(WW1), 1210(ww1), 
1211(WW1), 1212(EM2), 1213(EM2), 1214(EM2), 1215(PO2), 1216(P02), 1217(PO2), 1218 
(SA2), 1219(SA2, 1220(SA2), 1221(SA2), 1222(SA2), 1223(SA2), 1224(SA2), 1225(PO)°, 1226 
(Wwi)°, 1227(SA2), 1228(SM2)°, 1229(EM2)°, 1230(HY2)°. 


. Discussion of several papers, grouped by Divisions. 
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